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Preface

These proceedings contain the papers which were presented at a one-day workshop on 
Risk-Based Maintenance of Civil Structures at the Delft University of Technology on 
January, 21st, 2003. This workshop has been organised by the faculty of Civil 
Engineering and Geosciences of the Delft University of Technology with financial 
support from the Research School Structural Engineering. The workshop was based on 
the same principle as the previously organised workshop on Risk-Based Design of Civil 
Structures (Delft, January 11th, 2000): a 'public defence' of the jury members on PhD- 
committees (in 2000 Van Gelder's committee and in 2003 H.G. Voortman's committee). 
The papers at this workshop have been selected with strong relations to the risk-based 
maintenance of structures but on various terrains. Inspection plans (and its dependencies) 
for steel structures which are subject to fatigue are discussed as well as flood risk 
assessment and maintenance methods of water defense systems for coasts, rivers and 
estuaries. Furthermore, the workshop concentrated on deterioration and maintenance 
models of concrete structures with research results on chloride penetration of concrete 
structures and a case study on the North Sea environment. Finally, also work was 
presented on condition indicators for inspection and maintenance planning.

We express our thanks to the authors of the papers at this workshop (Prof. Faber, Prof. 
Oumeraci, Prof. Vrij ling, Dr. Polder, Mrs. Fi, Mrs. Malioka and Mr. Straub) for 
providing such interesting issues on the risk-based maintenance of civil structures, as well 
as the 40 participants who attended the workshop actively.

P.H.A J.M van Gelder 
A.C.W.M. Vrouwenvelder

Delft, December 15th 2003
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Generic Inspection Plans for Steel Structures Subject to Fatigue

M. Faber
Swiss Federal Institute of Technology, ETH Zürich, Switzerland 

e-mail: faber@ibk.baug.ethz.ch

Abstract

During the last 5 years significant efforts have been spend to develop practically applicable 
approaches for risk based inspection planning of steel structures subject to fatigue. These efforts 
have led to the development of the so-called generic inspection planning approach. Following this 
approach the fatigue sensitive details are categorized and described generically according to 
standard design parameters such as the Fatigue Design Factor (FDF), the SN curve, the hot spot 
stress field characteristics and the Reserve Strength Ratio (RSR). Due to the simplicity of the 
format of the developed inspection plans, the proposed approach has a high potential to be used in 
the general practical task of managing the integrity of welded steel structures but also as a basis 
for rules in codes for the design and maintenance of steel structures. The present paper 
summarizes some of the main constituents of generic risk based inspection planning and provides 
some references to the background literature where the interested reader will find more elaborate 
treatments of various specialist issues.

Introduction
Reliability and risk based inspection planning (RBI) for welded steel structures have been issues of high 
practical interest for especially the offshore engineering profession over the last two-three decades. The 
first initiatives and developments were directed toward inspection planning for welded connections subject 
to fatigue crack growth in fixed steel offshore structures and this particular application area for RBI is by 
now the most developed.
The first initiatives and developments were directed toward inspection planning for welded connections 
subject to fatigue in fixed steel offshore structures, see e.g. Skjong (1985) and Madsen et al. (1989). Later 
the same methodology was adapted to other structures such as e.g. tankers, FPSO’s and semi-sub’s see e.g. 
Soares and Gorbatov (1996) and Lotsberg et al. (1999). Structural reliability methods have played an 
important role in these developments.
Initially the practical implementation of the developed approaches required a significant amount and 
expertise in both the area of structural reliability theory and fatigue and fracture mechanics. Consequently 
the practical implementation of reliability and risk based inspection planning was lacking the impact on the 
industry it deserved.
Recently generic and simplified approaches for reliability and risk based inspection planning have been 
formulated, see Faber et al. (2000). These approaches facilitate a common generic modeling of fatigue 
sensitive structural details in terms of parameters, which are commonly applied in deterministic design of 
structures, such as the Fatigue Design Factor (FDF) and the Reserve Strength Ratio (RSR). Any engineer 
familiar with these basic design concepts may thus readily identify the inspection plans appropriate for a 
given detail in a given structure. The potential benefit for the practical implementation of reliability and 
risk based approaches to inspection and maintenance planning is significant. The generic inspection plans 
may also be applied as a decision tool for evaluating the effect of service life extensions, load increases and 
strengthening on the required inspection and maintenance effort. Finally generic inspection plans for 
welded connections can form a basis for codification of risk based inspection plans.
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The present paper taking basis in the RBI developments in the offshore area summarizes some of the main 
constituents of generic risk based inspection planning. The presentation follows closely Faber et al. (2000), 
Faber (2003) and Faber et al. (2003) where the interested reader will find more detailed information.

The inspection and maintenance planning problem
Risk based inspection planning takes basis in the formulation of acceptance criteria specifying the 
acceptable risk in relation to safety to personnel, environmental risk and costs consequences. The 
inspection and maintenance activities are then planned such that the acceptance criteria are fulfilled 
throughout the service life of the considered engineering facility. The performance of engineering facilities
i.e. the degradation over time is subject to a number of uncertainties. These include operational conditions, 
material characteristics and environmental exposure. The uncertainties have origin in inherent physical 
randomness and in uncertainties associated with the models used to assess the performance of the systems. 
If, furthermore, the statistical basis for the assessment of the uncertainties is limited then also statistical 
uncertainties may be important.
It is important to realise that the degree of control of the engineering systems achieved by the inspections is 
strongly influenced by the reliability of the inspections, i.e. their ability to detect and size degradation. The 
reliability and thus the information achieved by inspections are strongly dependent on the quality of the 
planned inspections, the coverage of the planned inspections and the times where the inspections are 
performed. The reliability of inspections themselves may be subject to very significant uncertainty and this 
must be taken into account in the planning of inspections and when the results of inspections are interpreted 
and used to update the predicted future performance of the considered engineering facility.
Given that inspections reveal a state of degradation, which is unacceptable, various methods of repairs may 
be implemented and the future performance of the engineering facility will thus depend on the choice of 
repair method as well as the quality of the implemented repair.
The problem complex is visualised in Figure 1.

Acceptance criteria 

Degradation Practical constraints

Inspection quality

X , • i  Inspection and i __ c  .Inspection coverage v ■ Environment
maintenance

Inspection times Cost consequences

Inspection results |  Repair actions

Repair quality
Figure 1. Illustra tion  o f  factors influencing Risk Based Inspection planning

From Figure 1 it is seen that the number of decision variables and dependencies underlying an inspection- 
planning problem is rather large and calls for a systematic treatment.

Requirements to safety and risk acceptance criteria
Requirements to the safety of offshore structures are commonly given in two ways. In the North Sea it is a 
requirement that the offshore operator demonstrates to the authorities that risk to personnel and risk to the
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environment are controlled and maintained within acceptable limits throughout the operational service life 
of the installation. The specific limits are usually determined in agreement between the authorities and the 
offshore operator.
Normally, the requirements to the acceptable risk are given in terms of an acceptable Fatal Accident Rate 
(FAR) for the risk of personnel and in terms of acceptable frequencies of leaks and outlets of different 
categories for the risk to the environment. These acceptance criteria addresses in particular risk associated 
with the operation of the facilities on the topside and cannot be applied directly as a basis for the inspection 
planning of the structural components.
In addition to the general requirements stated above also indirect and direct specific requirements to the 
safety of structures and structural components are given in the codes of practice for the design of structures. 
As an example the NKB (1978) specifies a maximum annual probability of failure of IO"5 for structures 
with severe consequences of failure. For offshore structures no codes as of yet give specific requirements to 
the acceptable failure probability.
In regard to fatigue failures the requirements to safety are typically given in terms of a required Fatigue 
Design Factor (FDF). As an example NORSOK (1998) specifies the FDF’s specified in Table 1.

Table 1. Fatigue Design Factors
Classification of 
structural components 
based on damage 
consequence

Access for inspection and repair
No access 
or
in the splash zone

Accessible 

Below splash zone

Accessible 

Above splash zone
Substantial
consequences 10 3 2

Without substantial 
consequences 3 2 1

"Substantial consequences" in this context means that failure of the joint will entail: 
danger of loss of human life 
significant pollution 
major financial consequences.

By "Without substantial consequences" is understood failure, where it can be demonstrated that the 
structure satisfy the requirement to damaged condition according to the Accidental Limit States with failure 
in the actual joint as the defined damage.

From the FDF's specified in Table 1 it is possible to establish the corresponding annual probabilities of 
failure. In principle the relationship between the FDF  and the annual probability of failure has the form 
shown in Figure 2.

FDF vs . an n u a l  Pf ,  D e s  ig n Li fe  = 2 0  y r
E - 0 1

m— Annual  Pf  at the last  y ea r  

+  A c c u m u l a t e d  fai lure prob.
E - 0 2

E - 0 3

E - 0 4

E - 0 5
0 1 2 3 4 5 6 7 8 9 1 0 1 1 1 2

FDF

Figure 2. Principal relationship between F D F  and probability o f  fatigue failure
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For the joints to be considered in an inspection plan, the acceptance criteria for the annual probability of 
fatigue failure may be assessed through the Reserve Strength Ration (RSR) or the Residual Influence F actor 
(RIF) given failure of each of the individual joints to be considered together with the annual probability of 
joint fatigue failure.
If the RSR or the RIF  given joint fatigue failure is known, it is possible to establish the corresponding 
annual collapse failure probability P C0L\PAT if information is available on the applied characteristic values

for the capacity, live load, wave height, ratio of the environmental load to the total load and coefficient of 
variation of the capacity.
The Residual Influence F actor (RIF) is defined as

n F  = a s s * ~ ‘ (1)
RSR mtñCt

where R SR mtact is the RSR  value for the intact structure and ^ 5^ damased ¿s RSR  value for the 
structure damaged by fatigue failure of a joint.

The principal relation between the RIF  and the annual collapse probability is illustrated in Figure 3.

1E+0

1E-1

1E-2

Cl. 1E-3

1E-4

1E-5

1E-6
0.00 0.20 0.40 0.60 0.80 1.00

Figure 3. Example realtionship between Residual Influence Factors (RIF) and annual collapse probability o f failure

The implicit code requirement to the safety of the structure in regard to total collapse may be assessed 
through the annual probability of joint fatigue failure. A typical maximal allowed annual probability of 
collapse failure is in the order of IO"3 - IO'5.
On this basis it is possible to establish joint specific acceptance criteria in regard to fatigue failure. For each 
joint j  the conditional probabilities of structural collapse give failure of the considered joint P C0L\FAT are

determined and the individual joint acceptance criteria for the annual probability of joint fatigue failure are 
found as

P  =1 A C ,
P„

COL\FATj

The inspection plans must then satisfy that 
P  < P1 FAT, — 1 A C ,

(2)

(3)
for all years during the operational life of the structure.
In addition to the acceptance criteria relating to the maximum allowable annual probabilities of joint fatigue 
failure economical considerations can be applied as basis for the inspection planning.

In addition to the acceptance criteria relating to the maximum allowable annual probabilities of joint fatigue 
failure economical considerations can be applied as basis for the inspection planning.
The aim is to plan inspections such that the overall service life costs are minimized. The costs include costs 
of failure, inspections, repairs and production losses. This will be considered in detail in the next.



The general inspection and maintenance problem
The performance of engineering systems over time is subject to a number of uncertainties. These include 
operational conditions, material characteristics and environmental exposure. The uncertainties have origin 
in inherent physical randomness and in uncertainties associated with the models used to assess the 
performance of the systems. If, furthermore, the statistical basis for the assessment of the uncertainties is 
limited then also statistical uncertainties may be important.
When inspection planning for engineering systems is considered, it is important to take all these 
uncertainties into consideration, as they will strongly influence the future performance of the systems. It is 
also important to realize that the degree of control of the engineering systems achieved by the inspections is 
strongly influenced by the reliability of the inspections, i.e. their ability to detect and size degradation. The 
reliability of inspections themselves may be subject to very significant uncertainty and this must be taken 
into account in the planning of inspections.
The decision problem of identifying the cost optimal inspection plan may be solved within the framework 
of pre-posterior analysis from the classical decision theory see e.g. Raiffa and Schlaifer (1961) and 
Benjamin and Cornell (1970). Here a short summary is given closely following Sorensen et al. (1991).

The inspection decision problem may be represented as shown in Figure 4.

Decisions Random Decisions Random
outcome outcome

Sendee life costs

Inspection plan Inspection results Repair actions System performance

e  ^ d(s)  &

Figure 4. Inspection planning decision tree

In the general case the parameters defining the inspection plan are 
the possible repair actions i.e. the repair decision rule d  
the number of inspections N  in the design lifetime TL

the time intervals between inspections t =  ( tl , t 2, . . . , tN ) T

the inspection qualities q = (q l , q 2, . . . ,q N ) T .

These inspection parameters are written as e = (N , t, q)7". The outcome, typically a measured crack size,

of an inspection is modelled by a random variable S  . A decision rule d  is then applied to the outcome of 
the inspection to decide whether or not repair should be performed. The different uncertain parameters 
(stochastic variables) modelling the state of nature such as load variables and material characteristics are
collected in a vector X = ( X x, X 2 X n )T .
If the total expected costs are divided into inspection, repair, strengthening and failure costs and a 
constraint related to a maximum yearly (or accumulated) failure probability A P™ax is added then the 
optimization problem can be written
min CT (e ,d )  =  CIN (e, d ) + (e, d ) + CF (e, d )
M  (4)

s t .  d P F t < d p r  t =
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where CT (e, d ) is the total expected cost in the design lifetime TL, C IN is the expected inspection cost, 

Crep is the expected cost of repair and C F is the expected failure cost, the annual probability of failure in 

year t is APF t . The N  inspections are assumed performed at times 0 < 7 ¡  <!T2 < ... <TN < TL.
If repair is assumed to be performed only when a crack is detected and has been measured to have a crack 
size a larger than a critical level a r then the total number of repair realizations (branches) is 3N see 
Figure 5.

Detection and 
no repair

Detection and 
repair

Detection and 
no repair

Detection and 
no repair

Detection and 
repair

Detection and 
repair

Detection and 
no repair

Detection and 
repair

Inspection 1 Inspection 2

Figure 5. Repair, survival and failure event tree for a given inspection plan

It is noted that generally the total number of branches can be different from 3 ^  if the possibility of 
individual inspection times for each branch is taken into account.

The total capitalized expected inspection costs are

C „ ( e , r f )  =  | ; C Ä , ( q ) ( l - F F (7 ;))
1

¿=1 a + r y
(5)

The i th term represents the capitalized inspection costs at the i th inspection when failure has not occurred 
earlier, CIN t (q t ) is the inspection cost of the i th inspection, PP (T i ) is the probability of failure in the

time interval [o,?;] and r is the real rate of interest. The total capitalized expected repair costs are

N 1
C r e p  ( e ,  d)  = 2  CRf   -----—  ( 6 )

t r  ' (1 + r)'
CR, is the cost of a repair at the i th inspection and PR is the probability of performing a repair after the

i th inspection when failure has not occurred earlier and no earlier repair has been performed.
The total capitalized expected costs due to failure are estimated from

(RSR)  3—  (7)C f (e, d) = '^j CF (t)APp tPcCOL\FAT,
t= 1 (1 + r)
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where CF (t) is the cost of failure at the time t and PC0L̂FAT (RSR) is the conditional probability of

collapse of the structure given fatigue failure of the considered component j.
The probabilities of failure at year / may be determined from

^  =^UK(i-1)n -̂i)fi (̂orWt/(o}j (8)
where S(t)  refers to the survival event for the component and S(t)  to the failure event. Bk(t) represents 

the different possible inspection and repair events leading up to the time t. S  U is the event of failure at

time t. U indicates that the component characteristics may have changed due to repairs. The events over 
which the union is made are disjoint and the union may be substituted by a summation outside the 
probability operator.
The probability of repair may be found in a similar way by

Pr (0 = p<U {£(' - 1) n Bk (t - 1) n R(t)}) (9)
k

where R(t) is the repair event at inspection time /.
Details on the formulation of limit state equations for the modelling of failure, detection and repair events 
are given in Sorensen et al. (1991). Finally, the cumulative probability of failure at time T , , (2j) may
be found by summation of the annual failure probabilities

t=1
(10)

Simplified and generic approaches
As an alternative to the so-called general approach outlined in the previous the parameters defining the 
inspection plan may be chosen as

the possible repair actions i.e. the repair decision rule d
the inspection qualities q =  (q x , q 2, . . . ,q N ) T

the levels of acceptable annual probability of failure Pfr = (PTfx,P Tj.2,...,PTiI ) T

If as before the total expected costs are divided into inspection, repair, strengthening and failure costs and a 
constraint related to a maximum yearly (or accumulated) failure probability AP/1“  is added then the 
optimization problem can be written
min CT (d , q, Pfr ) = CIN (d , q, Pfr ) + Cmp (d , q, Pfr ) + CP (d , q, Pfr )
d.q.P/ (11)

st. APPt<PTPt t = 1,2
where C T is the total expected cost in the service life TL, C IN is the expected inspection cost, C REp is 

the expected cost of repair and C F is the expected failure cost.
The solution of Equation (11) is in its general form just as difficult to obtain as the solution of Equation (4). 
However, if as an approximation it is assumed that all the components of Pfr =  (P jl ,P j2,...,P jr ) T are

identical (=P j  ) the problem is greatly simplified. In this case Equation (11) may be solved in a practical

manner by performing the optimization over P j  outside the optimization over d  and q. The total expected

11



cost corresponding to an inspection plan evolving from a particular value of P j  is then evaluated over a 

range of values of P j  and the optimal P j  =  P j  is identified as the one yielding the lowest total costs.

In order to identify the inspection times corresponding to a particular P j  another approximation is

introduced, namely that all the future inspections will result in no-detection. Thereby, the inspection times 
are identified as the times where the annual conditional probability (conditional on no-detection at previous
inspections) of fatigue failure equals P j  . This is clearly a reasonable approximation for components with

a high reliability.
Having identified the inspection times the expected costs are evaluated. It is important to note that the 
probabilities entering the cost evaluation are not conditioned on the assumed no-detection at the inspection 
times. This in order to include all possible contributions to the failure and repair costs.
The process is repeated for a range of different values of P j  and the value P j  , which minimizes the costs

and at the same time fulfils the given requirements to the maximum acceptable P j  is selected as the 

optimal one.
The optimal inspection plan is then the inspection times 0 <  7j < 7 ^  <  ... <  TN < T L corresponding to 

P ¡  , the corresponding optimal repair decision rule d  and inspection qualities q. Based on the approach

outlined in the above it is now possible to establish so-called generic inspection plans.
Following the approach outlined above it is possible to establish so-called generic inspection plans. The 
idea is to establish pre-fabricated inspection plans for different joint types designed 
for different fatigue lives.

For given
type of fatigue sensitive detail -  and thereby code-based SN-curve 
fatigue strength measured by FDF  (Fatigue Design Factor)
importance of the considered detail for the ultimate capacity of the structure, measured
e.g. RSR of RIF
inspection, repair and failure costs 

the optimal inspection plan i.e. the inspection times, the inspection qualities and the repair criteria, can be 
determined. This inspection plan is generic in the sense that it is representative for the given characteristics 
of the considered detail, i.e. SN-curve, FDF, RSR and the inspection, repair and failure costs.

For given SN-curve, FDF  and cost structure the procedure may be summarized as follows.
1. Identify inspection times by assuming inspections at times when the annual failure probability exceed a 

certain threshold.
2. Calculate the probabilities of repairs corresponding to the times of inspections
3. Calculate the total expected costs.
4. Repeat step 1-3 for a range of different threshold values and identify the optimal threshold value as the 

threshold value yielding the minimum total costs.

The inspection times corresponding to the optimal threshold value then represents the optimal inspection 
plan. For the identification of optimal inspection methods and repair strategies the above mentioned 
procedure may be looped over different choices of these. The procedure is illustrated in Figure 6.

12



Select joint type
- SN curve
- SIF
- Critical crack depth

Determine acceptance criteria
P ,,(Ä S R |

Calculate probability of failure and 
probability of repairs for different 
FDF,, FDF„ FDR,..

X
Determine inspection plans for 
different FDF,, FDF?, FDR,., and15 ¿5 T 15
different target levels X

Determine costs for inspection plans 
for different FDF,, FDF2, FDF¡,..

Choose cost optimal inspection plan 
fulfilling the acceptance criteria

Figure 6. Illustration  o f  the flow o f the generic inspection planning approach

As the generic inspection plans are calculated for different values of the FDF  it is possible directly to assess 
the effect of design changes, the effect of strengthening of joints and/or extensions in the service life on 
existing structures as such changes are directly represented in changes of the FDF.
Furthermore it is also interesting to observe that the effect of service life extensions on the required 
inspection efforts may be directly assessed through the corresponding change on the FDF. Given the 
required service life extension the FDF  for the joint is recalculated and the corresponding pre-fabricated 
inspection plan identified.

Probabilistic fatigue modelling
In the following the probabilistic models for fatigue assessment based on SN-curves and fracture mechanics 
are briefly summarized.

Assessment of SN fatigue lives
It is assumed that the SN-curve is bilinear:

f  Y ”'1
N  = K,

N  = K n

A s

( T /T refy

As
X

for N  < N r

for N  > N r

( 12)

(13)
( T /T refr

where As : stress range, N  : number of cycles to failure, K 1, 777, : material parameters for N  < N c ,

K-, , 777, : material parameters for N  > N c , ASc : stress range corresponding to N c , T  : thickness,

Tref : reference thickness and a * : scale exponent.

Further it is assumed that the total number of stress ranges for a given fatigue critical detail can be grouped 
in na groups / intervals such that the number of stress ranges in group / is 77; per year.
The code-based design equation is written:
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G = i - X  - ü f i — -  y , - T ^ = o  ( « i
¿ — i i f  C  - m 1 Z — l j f C  - m 2¡ fe  -mi i—¡ rs~c -

sl > Asc  ^  i j s t < Asc  2 i

where

„ a- 1 as ■ = ---------------------— = —— stress range m group i
z  ( T ! T refy  z

Q t action effect (proportional to stress range s t in group i
z  design parameter

*
z  modified design parameter taking into account thickness effects
K f  characteristic value of K t (mean of log K t minus two standard deviations of log K t )
TF fatigue life time

*
The design parameter z  is determined from the design Equation (14). Next, the reliability index (or the 
probability of failure) is calculated using this design value and the limit state function associated with
Equation (14). The coefficient of variation COVwave models the uncertainty on the wave load, foundation

stiffness and stress ranges. COVSCF models the uncertainty in the stress concentration factors (SCF) and 
local joint flexibilities. The limit state equation can be written:

n i T L  n i T Lg  =  \ -  y  ----- ' - k  y   Lj —  (15)
°  ¿ — ‘ I f  C - ™ 1  ¿ — t  T f  c - ™ 2

s f À S c  N  s ,< A  s c  -4X 2 i

where

v  Qi ■ •s  j = X  s —— stress range m group l
z

X s stochastic variable modeling model uncertainty related to waves and SCF. X s is

Log-Normal distributed with mean value = 1 and COV  =  4 c o v L  + C O V 2„

K, logK,  is modeled by a Normal distributed stochastic variable according to a
specific SN-curve.

Tl service life
Using the stochastic model in Table 2 and Equation (15) the probability of failure in the service life and the 
annual probability of failure can be obtained.

Table 2. Stochastic model

Variable Distribution Expected value Standard deviation

7 SCF LN 1 CŒ7scF = a o ° 1 °-05 1 °-1°  (Curve 1)
COI7SCF =0.15 / 0.20 (Curve 2)

7 vawe LN 1 COVwave =0.10/ 0.15

TF D 25 -  400 years

t l D y  / F D F

ml D 3

log K, N 12.048 (F) 
12.713 (T)

0.218
0.200

ni2 D 4

iog y N 13.980 (F) 
14.867 (T)

0.291
0.267

lo g y  and l o g y  are assumed fully correlated
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Assessment of FM fatigue lives
A fracture mechanical modeling of the crack growth is applied assuming that the crack can be modeled by a 
2-dimensional semi-elliptical crack. It is assumed that the fatigue life may be represented by a fatigue 
initiation life and a fatigue propagation life.
The following model is used:
N  = N j  +  N p (16)

where N  : number of stress cycles to failure, N ¡  : number of stress cycles to crack propagation and N p : 
number of stress cycles from initiation to crack through.
The number of stress cycles from initiation to crack through is determined on the basis of a two- 
dimensional crack growth model. The crack is assumed to be semi-elliptical with length 2 C and depth a  , 
see Figure 7.

2c

(17)

Figure 7. Semi-elliptical surface crack in a plate under tension or bending loads

The crack growth can be described by the following two coupled differential equations.

^ 7  = C a (A K a T  a (N o) = a o
a N

N  = Cc (AKc f  c(N,) = ca
a N

where C A , C c and m are material parameters, a 0 and C0 describes the crack depth a and crack length 

c, respectively, after N ¡ cycles and where the stress intensity ranges are AKA and AK „ . AKa and 

AK c are obtained based on the models in Newmann & Raju (1981) and Smith & Hurworth (1981).

The sum of the membrane stresses, Ut and the bending stresses, Ub is taken as

u t + u b = ÁU (18)
It is assumed that the ratio between bending and membrane stresses is 7) implying that

1 7  *u t =  A a  and a b =  Á u
jj + l  Jj + l

Load shedding (linear moment release) is introduced as described in Aaghaakouchak et al. (1981).
The stress range ÁU is obtained from

= Z waveZ SCF ÁU 
where

and Z  „rTJ model uncertaintieswave oL*r

(19)

(20)

'*£7
Á U e equivalent stress range: Á U e = — /  ntÀU*

I i=i

The total number of stress ranges per year, n is
«Í7

n = Y i n i

1 / m

(21)

(22)
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In the assessment of the equivalent constant stress range the effect of a possible lower threshold value 
AK th on the crack growth inducing stress intensity factor A K  has not been taken directly into account. 
This effect is assumed implicitly accounted for by evaluation of Equation (21) using the appropriate SN- 
curve exponent m.
The crack initiation time N ¡ is modeled as Weibull distributed with expected value /¿0 and coefficient of
variation equal to 0.35, see e.g. Lassen (1997).
The limit state function is written
g ( x ) =  N  - n t  (23)

where t  is time in the interval from 0 to the service life TL .
In order to model the effect of different weld qualities two different values of the crack depth at initiation 
a 0 are used: 0.1 mm and 0.5 mm corresponding approximately to high and low material control. The

corresponding assumed length C0 is 5 times the crack depth. The critical crack depth a c is taken as the
thickness of the tubular. The probabilistic modeling used in the fracture mechanical reliability analysis is 
shown in T able 3.
The parameters /¿ lnC and /¿0 are now fitted such that the probability distribution function for the fatigue 

lives determined using the SN-approach and the fracture mechanical approach are as identical as possible.

Table 3. Uncertainty modeling used in the fracture mechanical reliability analysis. 

___________D: Deterministic, N: Normal, LN: LogNormal, W: Weibull.___________

Variable Dist. Expected value Standard deviation
X , W ju0 (fitted) 0.35 ju0

a0 D 0.1 mm (high material control) / 0.5 mm (low 
material control)

In Cc N VinCc (fitted) 0.77

m D m -value corresponding to the low cycle part of 
the bi-linear SN-curve

7 SCF LN 1 0 /0 .0 5 / . . .  /0 .20
7 vawe LN 1 0.10/0.15
n D Total number of stress ranges per year

a c D T (thickness)

1 D 2 / 4
Y LN 1 0.1
T D 10 mm/ 30 mm / 50 mm / 100 mm
t l D 20 years / 25 years

D = FDF Tl = 25 / 50 / ... / 250 years

In C and N 0 are correlated with correlation coefficient p ln(C)N¡¡ = -0 .50

Example
A steel jacket structure installed in year 2000 with service life TL =40 years and located in the southern part 
of the North Sea is considered. The characteristics for a representative selection of fatigue sensitive details 
are shown in Table 4.
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Table 4. Example cases

Case covwm covSCF SN-
curve

T
[mm]

T1 F

[year]
DoB

1 0.1 0.15 T 50 100 0.6
2 0.1 0.10 T 50 100 0.6
3 0.1 0.15 T 30 100 0.6
4 0.1 0.15 T 50 200 0.6
5 0.1 0.15 T 50 100 0.3
6 0.1 0.10 F 50 100 0.6
7 0.1 0.05 F 50 100 0.6
8 0.1 0.10 F 30 100 0.6
9 0.1 0.10 F 50 200 0.6
10 0.1 0.10 F 50 100 0.3

8

7

6

5

>. 4

3

2

1

O
O 5 10 15 20 25 30 35 40

Years

Figure 8. Reliability indices for SN and calibrated  F ractu re  M echanics corresponding to accum ulated probability o f  failure.

In Figure 8 the reliability indices (corresponding to accumulated probabilities) for the limit states based the 
SN-approach and the calibrated fracture mechanics (FM) approach are illustrated for case 1 (see Table 4). It 
is seen that a very good correspondence is obtained between the two different approaches.
In Figure 9 the resulting inspection plans obtained by iPlan are shown corresponding to a maximum
acceptable annual probability of failure equal to APi™ax = 10 5 . It is seen that C O V SCF and the fatigue

life Tf are important for the inspection plan. Reducing the uncertainty of the stress ranges or extending the 
fatigue life increase the year of the first inspection and can reduce the number of inspections.

Project
OMAE'Q3 E x a m p le

Prepared by: JDS
C hecked by: MHF
Approved by: DMS

Inspection plans according to  th e  user-defined thresholds:

In d ex  In sp e c tio n s

J* $  V  V V  V  V  V V  & & V  V  F  F  V
1 
2
3
4

X X X
X X

X X X X
X X X X

X X X
X X

X
X X
X X

X

Figure 9. Inspection plan obtained by iPlan
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Conclusions
The present paper outlines recent developments on simplified and generic approaches to risk and reliability 
based inspection and maintenance planning. Acceptance criteria have been considered for the inspection 
planning of fatigue sensitive structural details of steel jacket structures. It has been described how the 
acceptable annual probability of fatigue failure for specific details may be derived on the basis of the RSR 
or the RIF  for the structure given fatigue failure of the considered detail.

It is described how generic inspection plans can be derived for different structural details (SN curves), FDF 
values, RSR or RIF  values, inspection, repair and failure costs and inspection / repair methods.

Based on the generic and simplified approach for risk based inspection planning a data-base iPlan has been 
developed and it is illustrated how inspection plans may be obtained from interpolation between the pre­
defined generic plans.
The generic inspection plans may also be applied as a decision tool for evaluating the effect of service life 
extensions, load increases and strengthening on the required inspection and maintenance effort. The format 
of the generic inspection plans appears to be appropriate for codification in regard to inspection effort of 
fatigue sensitive details.
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Abstract

A conceptual framework based on probabilistic risk analysis (PRA) is proposed for the design of 
coastal flood defences which meets the sustainability requirements. The overall framework 
includes the management of the remaining risk as an integral part of the design process. The 
implementation of the risk analysis requires (i) the prediction of the flood risk, (ii) the evaluation 
of the acceptable flood risk and (iii) the evaluation of the flood risk level which is obtained 
through comparison of the predicted and acceptable flood risk.

Necessity of new design approach for coastal flood defences
Coastal flood defence has a long tradition worldwide. In spite of the variety of design methods and safety 
standards adopted in each country, the design criteria for flood defence structures are still essentially based 
on design water levels associated with specific exceedance frequencies. This is exemplary shown in Figure 
1 for the design of sea dikes as it is presently practised in Northern Europe.
The specified exceedance frequency is implicitly interpreted as a failure probability which is again equated 
to a flooding probability. This approach is too simplistic, as it may lead for instance to:
1. too high and expensive dikes, because the dike must not necessarily fail when the design water level is

exceeded (modem dikes have generally a substantial safety margin!), so that the catastrophic water 
level might certainly be much higher than the design water level

2 . an incorrect safety assessment, because the dike may also fail, even if the design water level will not be
exceeded (seaward slope and toe failure, piping etc.), thus leading to a dike breach and subsequent 
devastating damages in the protected area.
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Too simplistic and may lead to:

TMPT.TCTT A S S U M P T IO N :

Dike failure — ^  flooding

NECESSITY TO DEVELOP NEW APPROACH BASED ON DIKE FAILURES AND 
ASSOCIATED FLOODING PROBABILITIES & RISKS

PRESENT PRACTICE BASED ON DESIGN WATER LEVEL (hDWL)

Water level h with exceedance frequency P(h>hDWL)

INCORRECT SAFETY ASSESSMENT, 
BECAUSE:

• Dike may also fail even for h<hDWL
• Further failures modes like piping, 

erosion of seaward slope and toe 
cannot be ruled out for h<hDWL

TOO HIGH DIKES, BECAUSE:
Dike must not necessarily fail if hDWL 
is exceeded (h>hDWL)
Modern dikes have substantial 
safety margin, so that catastrophic 
water level may be higher than hDWL

Figure 1. Present design practice for coastal flood defences and necessity o f new approach

Moreover, the present design practice is not only inconsistent with sustainable flood protection of coastal 
zones, but is also lacking rationality and transparency which constitute both an indispensable basis for a 
wide acceptability and thus for the unification and harmonisation of safety standards of coastal flood 
defences.
These and further considerations suggest that a design approach - based on the failure probability of flood 
defence structures, associated flood probabilities and risks - must be developed.
Among the reasons pleading for a probabilistic risk analysis (PRA) as the sole candidate framework 
through which rational, transparent and thus widely accepted and harmonised safety criteria can be 
achieved, the following are noteworthy: (i) the large variety of the involved aspects, together with their 
uncertainties which have to be addressed explicitly in the analyses, (ii) the integrated nature and the high 
complexity of the design problem, as well as (iii) the necessity to harmonise design and safety standards in 
various fields (coastal engineering, dam engineering transportation, nuclear power plants, etc.). Innovative 
results within such a PRA framework are not only expected with respect to the overall risk analysis 
procedure for coastal flood defences, but also with respect to the related prospective models, techniques 
and methodologies. Noteworthy in this respect are among others the models to predict the following 
processes and issues: (i) wave transformation on shallow foreshores with complex topographies, including 
the joint probability of water levels and wave parameters as well as the associated uncertainties; (ii) failure 
mechanisms of coastal flood defence stmctures, their interaction and consequences on the flooding 
probability; (iii) breaching mechanisms as well as the subsequent flood wave propagation and potential 
damages; (iv) acceptable flood risks within the protected areas by accounting for economic losses, loss of 
life and further intangibles like environmental and cultural losses.
Moreover, the new direction forward should provide a detailed scientific and technical integrated 
framework which will (i) explicitly address the uncertainties through a comprehensive reliability based 
approach, (ii) help to bridge the gap between technical and non technical decision makers through the 
introduction of the risk concept and a new risk scale and (iii) build a sound basis for a broader and a more 
general framework for the management of coastal flood risks, including strategies for monitoring, 
inspection, maintenance, repair, review and safety evaluation updates as well as for emergency measures.
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The new conceptual PRA-based framework as a response to the 
sustainability challenge: a brief outline
A recently completed MAST III-Project on "Probabilistic Design Tools of Vertical Breakwaters 
(PROVERBS)" which was led by the author, concluded that "the design process fo r  coastal structures is 
expected to develop within the next decade from pure deterministic to probabilistic analysis methods 
embedded into a risk based design and risk management framework to achieve sustainable protection o f  
the coastal zones" (Oumeraci et al. 2000a). Based on the results of PROVERBS and the lessons drawn 
from this and other projects on coastal defences, the conceptual PRA-based framework shown in Figure 2 
has been developed for the design of coastal flood defences: (i) prediction of flood risk, (ii) evaluation of 
acceptable flood risk, (iii) evaluation of the remaining risk/risk level through comparison of predicted and 
acceptable risk and (iv) management of the remaining risk. One of the key features of this design 
framework is the incorporation of the risk management as an integral part of the design process. In fact, no 
design optimisation would be possible without the knowledge of the remaining risk and its management 
(Figure 2).
The main sources and types of uncertainties which must be explicitly considered in the PRA framework are 
summarised in Figure 3. Some methods on how to assess and consider these uncertainties in PRA have 
been used for vertical breakwaters (Oumeraci et al. 2000a), but further sophisticated methods such as fuzzy 
sets, elicitation of expert opinions etc. are getting more and more operational and must also be applied 
(Cooke 1991).

Mapping of Risk Level /  Remaining Risk

 ----------
(REMAINING) RISK MANAGEMENTI n

Risk Management

Repair & Maintenance 
Strategy

Monitoring & Inspection 
Strategy

emergency & Evacuation 
Strategy

Acceptable 
Damage A (D)

Mapping of Predicted

Probability (P (‘)s of Syste

Evaluation of Expected 
Damage E(D)

Mapping of Acceptable

Acceptable Flood Risk
r ;  -  (p,')s a (d)

Acceptable Failure 
Probability (P ,') sof Syste

Inventory of Defence 
Components & Hazards

Inventory of Inhabitants, 
Infrastructure, Assets & Ecosyste

Valuation & Analysis, 
Acceptance Criteria

Sensitivity Analysis; Cost-Benefit Analysis; 
Comparative Risk Analysis; Risk Level; Remaining Risk

Figure 2. Probabilistic Risk Analysis Based framework fot the design of coastal defences

In the following sections particular focus will be put on the methodologies related to three aspects 
illustrated by Figure 4, including (i) the prediction of flood risk, (ii) the evaluation of acceptable risk and 
(iii) the calculation of the flood risk level (remaining risk). In view of the constraints associated with the 
limited length of the paper, the fourth aspect (management of remaining risk in Figure 2) could be 
addressed in a forthcoming paper.
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INHERENT (BASIC) 
UNCERTAINTIES

HUMAN & ORGANI­
SATION ERRORS (HOE)

MODEL
UNCERTAINTIES

STATISTICAL
DISTRIBUTION

UNCERTAINTIES

PHYSICAL MODEL 
UNCERTAINTIES

MAIN SOURCES AND TYPES OF UNCERTAINTIES

Environm. parameters, 
material properties of 
random nature (example: 
expected wave height at 
certain site in 20 years)

I
Can neither be 

-reduced nor 
-removed

Hypothesized/fitted 
statistical distributions 
of random quantities 
(fixed time parameters) 
and random processes 
(variable time param.)

I
Can be reduced by

- increased amount
- improved quality 

of collected data

Empirical (based on data) Operators (designers ....),
and theoretical relation­
ships used to describe 
physical processes, input 
variables and limit state 
equations

I
Can be reduced by:

- increased knowledge
- improved models

organisations, procedures, 
environment, equipment 
and interfaces between 
these sources

i
Can be reduced by:

- increased skills
- improved organisation

at design stage

Figure 3. U ncertainties to be considered in proposed PRA-based fram ew ork (adopted from  O um eraci e t al. 2000)
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F igure 4. Methodology fo r the assessment o f  the rem aining risk

Prediction of flood risk
The prediction of the flood risk requires the knowledge and associated uncertainties of (i) the 
morphological, topographic, hydraulic and other boundary conditions, (ii) the failure modes of the defence 
components, their interactions and related limit state equations and (iii) the breaching of the defence
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structures as well as the flood wave propagation and the subsequent damages which would result in the 
protected area.

Topographic, hydraulic and further boundary conditions

First, the flood defence scheme, including the foreshore topography, the entire chain of flood defence 
structures must be described, together with the protected areas, facilities and infrastructures (socio­
economic aspects). The description must be performed at different scales and levels of detail, depending on 
the purpose under consideration. Basically, both a cross sectional representation (Figure 5) and a plan view 
representation (Figure 6) are needed. The former is particularly important for the analysis of the hydraulic 
boundary conditions (water levels and waves) and the effect of the interaction between the various failures 
of the components (high foreshores, dikes, dunes etc.) of the defence chain on the flooding probability. The 
plan view representation is relevant for the analysis of the overall failure of defence components (spatial 
correlation), the subsequent flood wave propagation and its damaging effects in the protected area (see 
Figure 11).

Dike without foreland Dune
Inner berm and 
dike protection 

path

Dike crown

Design storm surge level
Dike core 

(Sand)

Foreland dike Harbour protection wallDike crown Inner berm and 
^ — V  dike protection

path
Dike core 

(Sand) \ _ _ _

W al l  /
Design storm surge level

!' ¡Foreland-*i1 V—Ii ■
Slope of berm 

m = 0 ,1.5, 3.5, resp.
H arb o u r bo tto m  Y

Stone wall & dike 
(e.g. Neuendorf, Hiddensee) 

V  DWL_______

Sleepdike (dike of 3rd defence line without 
talk)

Summer dike

2. defence line
DWL l.defence line 3. defence lineLahnungen Main dikei i Foreland Summer dike Summer polder

Wadden area Revetment

Revetments North Sea 
e.g. East Frisian Islands)

Harbour wall and dike
(e.g. North east wall, Helgoland)Secondary dike line

Dissipation elements
DWL Concrete

Ashlar stone wort

Geotextile Basalt pavementI iForeland Polder

Sand fill and dune 
e.g. Sylt)

Seawall (e.g. Sylt)Dune and dike

y  DWL

Coastal protection wood■ECLSShffLS.

Figure 5. C oastal flood defence chain (cross-sectional representation)

From the view point of safety and risk classes, some fundamental cases must be distinguished. Depending 
on the source of the hazards there are two typical cases: (i) threat from both sea and river (Figure 6a) and
(ii) threat only from the sea (Figure 6b). Depending on the conditions in the protected areas, typical 
situations with short or long propagation time of the flood wave as well as situations with high and low 
urbanisation level may be encountered, thus requiring different scales and detail levels of description and 
mapping (GIS).
Second, the hydraulic boundary conditions must be reliably assessed. This particularly includes (i) the joint 
probability of water levels and waves and (ii) transformations of waves propagating over the shallow 
foreshore to obtain the design waves at the defence structures. In fact, both water levels and associated 
wave conditions at the structure belong to the input parameters which are vital for any design. Small errors 
in these inputs may lead to much larger errors for outputs such as wave loads, overtopping and structure
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stability. One of the key findings of the EU/MAST III project PROVERBS on „Probabilistic Design Tools 
for Vertical Breakwaters“ (Oumeraci et al. 2000a) was that (i) the uncertainties of the wave loads still 
represent the major uncertainty in the entire design process and (ii) these uncertainties essentially originate 
from the errors in predicting wave transformation from deep water towards and over shallow foreshores. 
However, the most important source of uncertainty is due to the lack of knowledge and appropriate data on 
the joint probability of water levels and waves.
For this reason and because the joint occurrence of water level and waves provide the input data required 
for the prediction of wave transformation propagating into shallow foreshores, the problems associated with 
the joint probability of water levels and waves, including some indications on future research, are first 
discussed before addressing the problems associated with wave transformation and the uncertainties in 
predicting waves over shallow foreshores.

Sea
lune Sea

Sea
Dike Dune-

Lock Sea
-DikeProtected A rea ,ocka;

SS- Sea
SeaD ikt T ock

(a) Flood Threat from sea and river 
(e.g. estuary)

(b) Flood Threat from sea 
(e.g. small island)

Figure 6. Coastal flood defence scheme (plan view representation)

Jo in t probability  o f  storm  water levels and  waves

Disastrous damages to sea defences are often caused by unfavourable combinations of water levels and 
waves during storms. Therefore, the development of more appropriate and practical approaches to predict 
such extreme conditions becomes a key issue in any PRA-based design of coastal flood protection. To 
obtain homogeneous data sets for water levels it is essential to distinguish between (i) astronomical tidal 
components which are deterministic and which may change due to human interference (dredging, closure 
of estuaries etc.), and (ii) the meteorological forcing components which represent the stochastic surge part 
of the actually measured water levels (Figure 7).

The yet available attempts to describe the joint probability of extreme water levels and waves do not 
explicitly include the distribution of wave periods (Figure 8). In some circumstances however, wave 
periods can be as important as wave heights in predicting structure responses such as wave overtopping, 
especially when waves are limited by depth.
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Water level h [m] storm tide history
(actual water level)

Time t [h]
wind setup = storm tide history - mean tide history

Water level h [m]

wind setup

max. Ah

Time t [h]

Figure 7. Surge and astronom ical tid a l levels (principle sketch)
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Figure 8. Jo in t d istribution o f  extrem e w ate r levels and waves (De Ronde et al. 1995)

Therefore, future approaches must explicitly include the variability of wave periods. The joint dependence 
between wave heights and periods can also be obtained by considering the variability of wave steepness 
which may represent a more robust variable than the wave period for statistical calculation.
Moreover, the future prediction methods should also enable (i) an explicit consideration of additional non- 
simultaneous data and information, (ii) an easy assessment of uncertainties and of their combined effect on 
the result, (iii) a long-term simulation to produce extreme values of water levels, of wave heights with their 
associated periods and of their combination. Research towards the development of such methods is 
underway (e.g. Owen et al. 1997). Where possible, uncertainties should be assessed from statistical data. 
Otherwise, elicitation of expert opinions may represent a reasonable alternative (Cooke 1991).

U ncertainties in pred icting  n w e s  over shallow  foreshores

Coastal defences are generally attacked by waves which have propagated over shallow foreshores with 
complex morphological features before reaching the main defence line. Therefore, the waves approaching
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the defence line are subject to a variety of transformation processes including depth-limited wave breaking, 
wave reformation, etc. These processes and the subsequent changes in the wave height distribution have to 
be simulated in order to obtain the distribution just in front of the defence line. Generally, wave models 
such as SWAN (Wood et al. 2000), BOUSSINESQ models (Bayram & Larson 2000) and Volume of Fluid 
(VOF) models (Wu et al. 1994) are used for this purpose. The difficulty, however, consists in assessing the 
associated uncertainties which are required for the implementation of any PRA-based design of coastal 
flood defences. It should also be kept in mind that large uncertainties already occur in assessing the waves 
in deep water.
Assuming a normal distribution and defining the uncertainty of a variable x by the coefficient of variation 
ct'x = ctx/x  (ctx= standard deviation and x  = mean value), very approximate orders of magnitude of the 
uncertainties of incident wave parameters derived from wave hindcasting and calibrated by field 
measurements is given in Table 1 where H is the wave height, T the wave period and 9 the incident wave 
angle (Kamphuis 1999).

Table 1. Uncertainties o f wave parameters (Kamphuis 1999)

Coeff. of Variation ct'h CJ'T o'e

Deepwater waves 0.3 0.3 0.9

Shallow water waves 0.45 0.3 1.0

For further details refer to Goda (1994a) which probably represents the most detailed reference yet 
available on uncertainties of design wave heights. In fact, the various sources of uncertainties have been 
systematically identified. For some classes of uncertainties, orders of magnitudes and even formulae are 
proposed to assess the coefficient of variation. Nevertheless, much remains to be done in this respect.
A further important issue is the threshold at which research to improve the accuracy of design waves should 
be stopped. In fact, the uncertainties of wave heights may diminish the benefits of research effort in 
improving the accuracy beyond a certain threshold. Goda (1994b) suggested for instance a limit 
corresponding to a coefficient of variation of about 5 % as a reasonable value. In this respect, the concept 
proposed by Goda (1994b) to judge the order of magnitude of accuracy and the research efficiency with 
regards to the final accuracy is highly recommended as a departure basis.
For the integration of all the data related to topographical, hydraulic, structural and socio-economic 
boundary conditions, an appropriate Geographic Information System (GIS) can be used which should also 
include indications on uncertainties. The GIS-maps and data include topography and morphology, waves 
and water levels, defence structures and defence schemes, land use and distribution of population and 
assets, historical damages such as flood penetration depths and their consequences etc.

Analysis of failure modes, breach initiation and flood wave propagation

Once the topographic, hydraulic, structural and socio-economic boundary conditions have been determined, 
the next step consists in the systematic identification and analysis of all relevant failure modes likely to lead 
to flooding, including the associated hydraulic loading.
In the case of a dike for instance, flooding may be induced as a result of a dike breaching which can be 
initiated
1. from the seaward side through repeated wave impacts progressively eroding the structure, through 

wave uplift displacing revetment elements and through shear stresses induced by run up/down velocity 
(Figure 9)

2. from the landward side through infiltration, overflow, wave overtopping or a combination of both 
which may lead to piping, sliding of the rear slope revetment and sliding failure (Figure 9).

Most of the dike breaches which occurred during the catastrophic surges of 1953 in the Netherlands and of 
1962 in Germany were initiated from the landward side - essentially by wave overtopping. (Oumeraci & 
Schüttrumpf 1999). Therefore and because of the limited extent of the paper, only the problems associated 
with wave overtopping and breach initiation from the landward side will be briefly discussed thereafter, 
before addressing the problems related to breach growth, flood wave propagation and subsequent damages 
in the next section.
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Wave overtopping

In the past, wave overtopping of coastal defence structures has been addressed in terms of predicted time 
averaged overtopping rate as compared to some tolerable overtopping rates for functional and structural 
safety. However, time averaged overtopping quantities rarely represent suitable parameters to describe 
structural or functional safety. Therefore, the available admissible average overtopping rates must be 
questioned.

RemarksHydraulic Load Conditions Possible Failure M odes

Wave Impact Local erosion & soil displacement 
beneath revetment

May lead to 
initiation of dike 
breaching from 
the seaward side

Removal of revetment elementsWave Uplift

Wave Run-up/ Run-down 
Shear Stress

Local erosion

Infiltration

Overflow Piping

May lead to 
initiation of dike 
breaching from 
the landward 
side.
(piping more 
relevant for river 
dikes in 
’’estuaries”)

failure surfaceInfiltration

Wave Overtopping Sliding of Revetment

Infiltration failure surface 's

Overflow and Wave Overtopping Sliding Failure

Figure 9. Possible failure modes initiating dike breach from  seaw ard and landw ard  side

Very recently, some attempts have been made to address overtopping in terms of individual overtopping 
volume (per wave) by proposing a relationship between individual and average overtopping quantities 
based on the assumptions of a Rayleigh distribution of the number of overtopping waves and a Weibull 
distribution of the individual overtopping volumes (Franco & Franco 1999). Although such relationships, 
which also account for the type and shape of the defence structure, are valuable to translate the traditional 
average quantities into individual maximum overtopping rates, future research should rather be directed 
towards the full description of the flow field associated with wave overtopping. A first attempt in this 
direction has been made by Schüttrumpf & Oumeraci (1999) who have been performing an extensive
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small- and large-scale study to describe the detailed flow field associated with the overtopping of sea dikes. 
This also includes numerical modelling using the VOF-concept.
In fact, the knowledge of the detailed flow field associated with wave overtopping will enable to derive any 
type of loading (pressure, flow velocity and shear stress at any location) relevant for breach initiation.
A further important research issue is the effect of shallow foreshore on wave overtopping. Very often the 
natural wave spectra in such shallow foreshores are double or multi-peaked, so that the question arises on 
which characteristic wave heights and wave periods of the multi-peaked-spectra are most suitable to 
describe wave overtopping. Results of ongoing experimental investigations (Oumeraci et al. 2000b, 
Oumeraci 2000) have shown, that the wave period Tm_1>0 is more relevant than the peak period Tp of the 
entire spectrum. A more systematic examination of the influence of the lower frequency components (e.g. 
surf beat) on wave overtopping is also needed.

Breach growth and  f lo o d  wave propagation

When simulating flood wave propagation and its devastating effects in the protected area, one of the major 
uncertainties arises from assessing the initial conditions of the flood wave which are essentially governed 
by the development of the dike breach.
The large experience available in dam engineering with dam-break flood wave models cannot be simply 
extrapolated to coastal flood defences, due to several reasons such as (i) the initial conditions of the flood 
wave which interacts with the breach growth, (ii) the limited breach width along the defence line and
(iii) the 3D-character of the flood wave in a coastal plain. Therefore, substantially new knowledge towards 
the physical understanding and proper modelling of the breaching process must be generated before 
embarking into the numerical modelling of flood wave propagation and its effects on typical obstacles in 
the protected areas.
Due to the very strong interaction between the expected extreme hydrodynamic conditions (high water 
levels, strong currents and high storm waves) and soil strength parameters (large Shield’s parameter, 
variable shear strength etc.) associated with very high erosion and transport rate during the breaching 
process, serious scale effects would be expected, if common small-scale models are used. On the other 
hand, it will not be possible to achieve the required understanding of the physical processes by using only 
field experiments for which the control of the forcing functions (water levels, currents and waves) and the 
boundary conditions cannot be controlled (also too expensive and too time consuming!). Therefore, 
hydraulic model tests at almost full-scale in a large wave facility will remain the sole alternative.
Since the growth of a breach initiated from the seaward side and that initiated from the landward side may 
differ, both cases must be experimentally examined (Figure 10). Based on the experimental results, 
numerical models to simulate both cases must be developed which are essential to obtain the initial 
conditions for the simulation of the flood wave propagation in the protected area. Once these initial 
conditions are properly determined, suitable numerical models (e.g. TELEMAC) exist which can be used 
for the simulation of the flood wave propagation. However, further research is also needed to incorporate in 
these models the destructive effects of the flood wave propagating in the protected area.

Integration methodology for flood risk prediction

The existing methods for the evaluation of the most relevant failure probabilities of individual components 
of a flood defence system must be further developed.
Much more work remains to be done with respect to the flooding probability due to the failure of the entire 
defence systems. The same applies for the assessment of the expected damages in the protected area. 
Therefore, the general methodology schematically illustrated by Figure 11 is proposed for this purpose. It 
integrates all the data and information resulting from the analysis of failures and their interactions, as well 
as from the subsequent flood wave propagation and its damaging effects in the protected area. Figure 11 
shows that both cross sectional and plan view consideration of the flood defences and the protected area are 
indispensable.
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Figure 10. Stages o f  dike breaching (O um eraci and S chü ttrum pf 1999)

A: Breach initiated from  seaw ard side B: Breach initiated from  landw ard side

The methodology requires the use of component reliability models as well as models for the reliability of 
the entire flood defence scheme which consists of components with given material, cross sections and 
lengths. Links between the flood defence scheme components and between the protected areas with various 
vulnerability levels must be taken into account.
The effect of spatial correlation to account for the effect of influencing factors such as the longshore 
segmentation of the defence components is also important. The segmentation of the defence may become a 
crucial step. The degree of spatial correlation between components will depend upon the respective 
distance along and across shore between the defence components and on how they are tied to each other in 
plan view (links, bonds, etc.). Therefore, due consideration of both cross sectional representation and along 
shore representation of components are necessary to formulate an appropriate correlation function. As an 
overall result of the first step shown in Figure 4, the flood risk associated with the area protected by a given 
flood defence scheme is obtained (Figure 11) step, i.e. the evaluation of the acceptable flood risk, is 
addressed in the following section.
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Fault tree analysis for correlation 
between component failure probability 

and relative contribution to overall 
failure probability o f defence system

PREDICTED FLOOD RISK

Figure 11. Integration methodology for the prediction of flood risk

Evaluation of acceptable flood risk

General methodology and framework for acceptable flood risks

Since the ALARP principle (As Low As Reasonably Practicable) is a widely accepted concept across most 
disciplines for the evaluation of acceptable risk, it is also recommended for the design and safety 
assessment of flood defence systems. However, further developments and extensions are necessary to 
overcome the disadvantages of the conventional ALARP approach. Candidate issues for such extensions 
and further developments are for example:
1. introduction o f  uncertainty: this is in fact very important as a high uncertainty of the risk may be 

caused by a high uncertainty of the probability of the event under consideration of/and by a high 
uncertainty in the consequences of that event. A high uncertainty in a very low risk is more acceptable 
than a comparably lower uncertainty in a very high risk (Figure 12)

2. introduction o f  weight factors: this is important to account for differences in the 
acceptance/penalisation of certain risks as compared to others and to achieve a better consensus on the 
acceptable risk across many disciplines (car traffic risk more accepted than the risk with the same value
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Figure 12. Introduction of uncertainty into the ALARP concept

Evaluation of tangible and intangible losses

In order to achieve a wide consensus on the acceptable flood risk in accordance with acceptable risks in 
other disciplines (e.g. dam engineering, offshore engineering, transportation, nuclear power plants), it is 
indispensable that the various methods, rules and tools to be developed in the advanced ALARP framework 
are robust and transparent. To increase this transparency and to enable a better comparison with the 
acceptable risks in other disciplines, the acceptable (target) flood risk Rf* is defined as a product of the 
acceptable (target) flooding probability Pf* and the acceptable (target) damages or losses A(D) (Figure 3).
If the damages are expressed in monetary terms the target flooding probability Pf* may be formulated as a 
cost optimisation problem (Figure 13). In addition, however, the uncertainties resulting from the 
assumptions and cost calculations must explicitly be taken into account within the overall probabilities 
framework.
Most of the difficulties arise when trying to evaluate the so-called intangible losses such as human injury, 
loss of life, environmental and cultural losses caused by flooding.
Although the valuation of human life is questionable from the ethical view point, the problem is often 
formulated in terms of the amount society is willing to pay for saving life. Values between 1 
to 10 million US$, depending on considerations associated with aversion of risk, have been reported. 
Various methods to evaluate intangible losses are available in the literature which can systematically be 
analysed to derive the approach most appropriate for coastal flooding.
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min C j = minimal initial costs associated 
with a safety coefficient0.5
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Costs

0,5 E(D) E (D) = Expected value of damage D 
PV = Present Value operator 
C 5 = Safety costs ("initial costs")

min Gp

log Pf

SAFETY COSTS C s = f (P f )

Total costs during life time 
CT = Q  + PV-Pf E(D)

Present value of flood risk 
PV. Pr  E(D)

Economically optimal flooding probability

Figure 13. Formulation of terget flooding probability as a cost optimisation problem (Oumeraci et al. 200a)

Integration of method for acceptable risk evaluation

The general procedure for the evaluation of the acceptable flood risk within an advanced ALARP 
framework is tentatively summarised in Figure 14. It includes seven steps requiring the use of techniques 
and tools which exist already in Cost-Benefit-Analysis (CBA), Reliability Theory and Multi-Criteria 
Decision Theory or needs new/further development.
The major problems with most of these methods is that they are very complex and hardly understandable 
for most prospective users. The greatest challenge will therefore consist in simplifying as much as 
reasonably practicable, i.e. without loosing the important aspects.
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(*) New /  further developments
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functions from Step 4
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defined
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tree)
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Acceptable Flood Risk
(Possibly incl. a behaviourally relevant scale o f  risk 
acceptability with clear implications for regulatory 
actions)

Figure 14. Flow diagram for acceptable flood risk evaluation

Risk scale, discussion and suggestions for research

Risk scale for decision making

Once the predicted flood risk (Rf°) and the acceptable flood risk (Rf‘) are obtained, a measure of the flood 
risk level which is appropriate for the decision making under consideration can be formulated as a function 
of costs and further intangible losses. For instance, a risk scale
G = (Rf° - Rf) / Rf is tentatively proposed in Figure 3, showing that optimum risk level is obtained for 
G = 0. Negative G-values mean overdesign while positive G-values mean underdesign. In both cases, 
penalty curves provide the costs or losses associated with every over- and underdesign.

Comparison of proposed PRA framework with other approaches

The advantages of the prospective PRA framework, together with the new methodologies and techniques 
which would result, as compared to the present design practice based on design water level and to the 
newly emerging pseudo-risk assessment approaches are summarised in Table 2.
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Suggestions for research

In addition to the suggestions provided in the previous sections, the following questions must be answered:
1. How to simplify the developed methods (As Simple As Reasonably Practicable); i.e. without loosing 

the important aspects? This is a very important issue towards facilitating the transition from the older 
era - where conservatism, local tradition and local authorities prevailed - to a new era of quantitative 
analysis methods for design and management which are very sophisticated in their essence and 
background, but should made simple in their application.

2. How to conduct efficiently and cost-effectively a quantitative risk assessment including two steps: a 
preliminary approach under the constraints of the available (usually very limited) data to identify the 
focus points and to optimise the next more detailed and costly step, namely the new proposed 
comprehensive PRA-approach.

3. How to demonstrate the superiority of the new approach as compared with the present approaches and 
with the diverse newly emerging pseudo-risk assessment and management approaches (Table 2), which 
ignore or grossly simplify the underlying physics of the processes involved, particularly those 
associated with extreme situations like breaching? For this purpose indicators to measure the benefits 
of the new methods must be developed.

4. How to apply the new proposed PRA framework to estimate the threshold between sustainable and 
non-sustainable flood protection? This may particularly be made possible through the high level of 
integration, including the evaluation of direct and indirect costs, loss of life, environmental, cultural 
and further intangible losses? This aspect is expected to particularly contribute to overcome the major 
present barrier to sustainable design and management of flood protection which at present certainly lies 
in the lack of a rational, transparent, impartial and integrated framework that could be broadly accepted 
at multiple scales, including local, national and transnational levels.

5. How the new PRA-Approach can be used as a meaningful yardstick for determining priorities in 
design, management and maintenance as well as in scientific research designed to held developing 
coastal protection schemes meeting sustainability criteria? For this purpose, the reliability indices and 
the penalty functions obtained from PRA may be used, together with the sustainability thresholds 
suggested in the previous item 4.

6. How to make best use of the new PRA framework towards the implementation of a new transparent 
and unified safety concept for the design of coastal flood defences which also includes the 
management of the remaining risk (monitoring and inspection strategy, review and safety evaluation 
update strategy, maintenance and repair strategy and emerging strategy) as an integral part of the 
design processes?
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Table 2. Comparison of new PRA framework with other approaches
Newly

Emerging

Comparison
Criteria

Present Practice Pseudo Risk
Based on Design Assessment Proposed New PRA Framework
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and its effect on flood wave propagation 
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flood risk and involvement of all 
aspects contributing to the flooding 
hazards in the predicted flood risk
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at feasibility 
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any rational and modem integrated 
design and management guidelines
• possibility to simplify the application 
by prospective end users through the 
development of practical software 
packages and through transfer of the 
methodologies into tools for different 
design levels (feasibility, preliminary, 
detailed and research level)
• technical basis for the development of 
new operative management tools (e.g. 
new warning system)

Concluding remarks
Although there is still a long way to go and many mountains to climb, the proposed PRA-based framework 
and the prospective methodologies that would result are expected to help moving sustainable design of 
coastal flood defences from an academic debate into the realm of concrete work, performance and return. It 
will also help to overcome the conservatism of isolated national/regional safety cultures which typify the 
past and present situation in the design of coastal flood defences. Moreover, the proposed PRA-based 
framework has the capability to ignite the awareness of the coastal engineering community that time is ripe 
for a synergetic transnational partnership to forge the transition to a more integrated systematic and
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transparent design framework which is based on a physically, socio-economically and environmentally 
sound ground to meet the sustainability requirements.
One of the key features of the proposed framework is the focus on the underlying physics of the processes 
likely to lead to devastating damages (e.g. breach initiation, breach growth, flood wave propagation and its 
damaging effects) as well as on the explicit account of all uncertainties. This indeed makes all the 
difference with the newly emerging pseudo-risk assessment procedures which ignore or grossly simplify 
these important aspects.
Since the new proposed framework is intended to also provide a robust and transparent methodology to 
evaluate the acceptable risk, taking into account tangible and intangible losses associated with coastal 
flooding, the results will have clear implications for regulatory actions. In fact, the results will help 
developing unified safety concepts and thresholds between sustainable and non-sustainable flood protection 
schemes.

Besides further challenges associated with methodological (e.g. linkage of elicited expert opinions and 
calculations, linkage of failure modes across and along the defence line, integrated method for acceptable 
flood risk) and the modelling aspects (e.g. breaching, damaging effects of flood wave), the greatest 
challenge will certainly be to simplify as much as reasonably practicable (e.g. without loosing relevant 
aspects!), so that the methods will be comprehensible and affordable by most prospective end users.
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Abstract

After the disaster in 1953 a statistical approach to the storm surge levels was chosen and an 
extrapolated storm surge level would be the basis for dike design. In recent decades, the 
development of reliability theory made it possible to assess the flooding risks taking into account 
the multiple failure mechanisms of a dike section and the length effect. It is pointed out that 
economic activity in the protected areas has grown considerably since the 1950s and that even 
more ambitious private and public investments, particularly in infrastructure, are planned. 
Moreover the safety of a growing population is at stake. These considerations justify a 
fundamental reassessment of the acceptability of the flood risks.

Introduction
Approximately half of the Netherlands lies below sea level and is protected against flooding by primary 
dikes and other water-retaining structures. Extensive systems of drainage channels and storage basins with 
associated water-retaining structures and pumping capacity ensure artificial management of surface and 
groundwater levels. In the Middle Ages the dikes were designed at the highest known storm surge plus one 
meter additional freeboard. This practice had to be abandoned in the design of the Afsluitdijk, where no 
observations were available. The famous Prof. Lorentz predicted the increases in tidal level and to these 
observations of wind setup at the Frisian coast were added. After the disaster in 1953 a statistical approach 
to the storm surge levels was chosen and an extrapolated storm surge level would be the basis for dike 
design. It will be described how the Deltacommittee optimised these safety levels, that were expressed in 
terms of the return period of high water levels which must be withstood by the primary dike system.

Since 1980 the development and the application of reliability theory made it possible to assess the flooding 
risks taking into account the multiple failure mechanisms of a structure. Dutch hydraulic engineers were 
among the first to apply this theory in the practical design of structures. Reliability models were first used 
during the design and the construction of storm surge barrier in the Eastern Scheldt in 1976 and later in the 
design of storm surge barrier in the Nieuwe Waterweg.

In approximately 1979 a project was started to apply the probabilistic methods to the design of dikes in 
general. The development of a complete approach to water defense systems took a considerable time. 
Recently the approach was tested on four polders or dike rings. The probability of flooding of these polders 
was calculated and insight in the weak spots was gained. Some results will be presented below. It is 
expected that the results of the calculations will stimulate the political debate if the present safety level of 
the water defense system is still sufficient. This question should be posed because the economic activity in 
the protected areas has grown considerably since the 1960s. Moreover ambitious private and public 
investments, particularly in infrastructure, are planned. The national economy has and will become more 
vulnerable to flooding. In addition the safety of a growing number of inhabitants is at stake. In future, the 
environmental consequences of flooding and the potential effects on nature and cultural heritage will play 
a larger role in assessing the required scale of flood protection. The image of The Netherlands as a safe
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country to live, work, and invest is an important factor to consider. This may justify a fundamental 
reassessment of the acceptability of the flood risks and the development of a plan to improve the 
effectiveness of the water defense system in the course of the coming decades.

The approach to dike design since the Delta Committee
The present approach to the safe design of dikes is based on the findings of the Delta Comittee, that were 
published in 1960. In 1953 large parts of the South-western Delta of the Netherlands were flooded by an 
extreme storm surge. Apart from considerable economic losses 1800 people lost their lives. The main cause 
of the failure during the storm of the 1st of February of 1953 was overtopping followed by the erosion and 
sliding of the inner slope of the dikes. Besides the development of the Delta-plan to shorten the coastline by 
closing the estuaries, the Delta Committee focussed on the design of dikes. Two main improvement were 
proposed: 1. increase the design water level and consequently the crest height of the dike 2. flatten the inner 
slope of the dike to 1:3. The new design water level was established in two steps. First the observations of 
the previous hundred years were statistically analysed and extrapolated to levels never exceeded before. 
Secondly an economic optimisation of the design water level was performed. On the one hand the damage 
that a flooding of Central-Holland would cause was estimated, on the other the cost of increasing the height 
of the dikes was calculated. Because a higher and more expensive dike leads to a reduction of the 
probability of flooding and therewith of the occurence of damage an optimal design water level could be 
found (Figure 1):

cost
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minimum cost

PV(P ,S)

-in(P f ) 
Topt

Figure 1. The economically optimal probability o f failure o f  a structure

The design water level for Central-Holland was fixed at NAP + 5m with a return period of 10,000 years. 
Because the flood damage in more rural areas than Central-Holland would be less, shorter return periods of 
4000 and 3000 years were chosen for these polders. Today the Netherlands are divided in 53 polders each 
with a specified design return period or frequency. The Delta Committee knew that other failure 
mechanisms than overtopping and sliding could be dangerous, therefore additional design requirements 
were formulated in a classical way.

The probabilistic approach of flooding
Since 1980 the awareness grew that the probability of exceedance of the design water level, the design 
frequency or the reciprocal of the return period is not a good predictor of the probability of flooding. 
Normally the dike crest exceeds the design water level by some measure, thus the probability of 
overtopping is smaller than the design frequency. But some parts of the dike may already be critically 
loaded before the design water level is reached. Waterlogging may lead to slide planes through the dike or 
piping may undermine the body of the dike, with sudden failure as a consequence. Another danger is that 
sluices and gates are not closed in time before the high water. In short there are more failure mechanisms
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that can lead to flooding of the polder than overtopping (Figure 2). Moreover the length of the dike ring has 
a considerable influence. A chain is as strong as the weakest link. So a single weak spot determines the 
actual safety of the dike ring.
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Figure 2. Failure modes o f  a  dike

The probabilistic approach aims to determine the probability of flooding of a polder and to judge its 
acceptability in view of the consequences. As a start the entire water defence system of the polder is 
studied. Typically this system contains sea dikes, dunes, river levees, sluices, pumping stations, high hills, 
etc (Figure 3).
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Figure 3. Flood defence system and its elements presented in a  fault tree
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In principle the failure and breach of any of these elements leads to flooding of the polder. The probability 
of flooding results thus from the probabilities of failure of all these elements. Within a longer element e.g. a 
dike of 2 km length, several independent sections can be discerned. Each section may fail due to various 
failure mechanisms like overtopping, sliding, piping, erosion of the protected outer slope, ship collision, 
bursting pipeline, etc. The relation between the failure mechanisms in a section and the unwanted 
consequence flooding can be depicted with a faulttree as shown in Figure 4.
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Figure 4. A dike section as a series system of failure modes

The failure probabilities of the mechanisms are calculated using the methods of the modem reliability 
theory like Level III Monte Carlo or Level II advanced first order second moment calculations. The 
possibility to treat the human failure to close for instance a sluice in conjunction with stmctural failure is 
seen as a considerable advantage of the probabilistic approach (Figure 5).
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Figure 5. The sluice as a series system of failure modes

In the reliability calculations all uncertainties are taken into account. Three classes are discerned. The 
intrinsic uncertainty is characteristic for natural phenomena. Storm surge levels and extreme river 
discharges are intrinsically uncertain. Also the uncertainty of the properties of the sub-soil and of 
constmction materials falls in this class. Model uncertainty describes the imperfection of the engineering 
models in predicting the behaviour of river courses, dikes and stmctures. The comparison of predictions 
and observations provides an estimate of this uncertainty. If such data lack, engineering judgement is the 
only feasible replacement. Statistical uncertainty is caused by the lack of data. These data are used to 
estimate the parameters of the probability distributions depicting the intrinsic uncertainty. Due to the
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paucity of data the estimated values of the parameters are statistically uncertain. Because all uncertainties 
are included in the calculations of the failure probability the latter is not singly a property of the physical 
reality but also of the human knowledge of the system.

The consequence is that the safety of the dike system as expressed by the calculated probability of flooding 
can be improved by strengthening the weakest dike but also by increasing our knowledge. The result the 
calculated probability of flooding of the polder is presented in Table 1..

Table 1. Calculation table for the overall probability o f flooding

sec tio n o v e rto p p in g p ip in g etc. to ta l

d ik e  se c tio n  1.1 P j jC overtopp.) PnCpiping) P i.i(e tc .) P i.i(a ll)
d ik e  se c tio n  1.2 Pi.2(o v e rto p p .) P 12(p ip in g ) Pi.2(e tc .) Pi.2(a ll)
e tc.
d u n e Pdune(overtop.) Pdune(piping) Pdune(^N-) Pdune(411)
slu ice PsimceCovertop.) PslmceCpiping) Psluice(^N-) Psluice(411)
to ta l Paii(overtop.) Paii(piping) Pall(etC.) Pall(all)

The last column of the table shows immediately which element or section has the largest contribution to the 
probability of flooding of the polder under study. Inspection of the related row reveals which mechanism 
will most likely be the cause. Thus a sequence of measures can be defined which at first will quickly 
improve the probability of flooding but later runs into dimishing returns.
As stated earlier the approach is tested on four polders of which the most important is shown here as an 
example. For Central Holland the 48 weakest dike sections, 4 dune sections and 6 structures were selected. 
The analysis showed that the probability of human failure to close a sluice structure at Katwijk dominated 
the system with a probability of 1/600 year. If it is assumed that this problem is solved in some way, then 
the probability of flooding becomes 1/2000 year. Piping under a dike near the village of Moordrecht 
determines this. If this piping problem can be solved, the probability of flooding sinks to 1/30,000 year. 
Now the dune along the North Sea near the village of Monster forms the weakest link. Improving the 
strength of this dune seems to reduce the flooding probability to 1/75,000 year. Although the example 
shows the results and the approach clearly, the last result is questionable as it hinges on the selection of the 
48+4+6 elements at the start. Weaker links may yet be detected at this level.

The consequences of flooding
One of the tasks of human civilisations is to protect individual members and groups against natural and 
man-made hazards to a certain extent. The extent of the protection was in historic cases mostly decided 
after the occurrence of the hazard had shown the consequences. The modem probabilistic approach aims to 
give protection when the risks are felt to be high. Risk is defined as the probability of a disaster i.e. a flood 
related to the consequences. As long as the modem approach is not firmly embedded in society, the idea of 
acceptable risk may, just as in the old days, be quite suddenly influenced by a single spectacular accident or 
incident like the non-calami tous threats of the Dutch river floods of 1993 and 1995.

The estimation of the consequences of a flood constitutes a central element in the modem approach. Most 
probably society will look to the total damage caused by the occurrence of a flood. This comprises a 
number of casualties, material and economic damage as well as the loss of or harm to immaterial values 
like works of art and amenity. Even the loss of tmst in the water defense system is a serious, but difficult to 
gauge effect. However for practical reasons the notion of risk in a societal context is often reduced to the 
total number of casualties using a definition as: "the relation between frequency and the number of people 
suffering from a specified level of harm in a given population from the realisation of specified hazards". If 
the specified level of harm is limited to loss of life, the societal risk may be modelled by the frequency of 
exceedance curve of the number of deaths, also called the FN-curve. The consequence part of a risk can 
also be limited to the material damage expressed in monetary terms as the Delta Committee did. It should 
be noted however, that the reduction of the consequences of an accident to the number of casualties or the 
economic damage may not adequately model the public's perception of the potential loss. The 
schématisation clarifies the reasoning at the cost of accuracy.
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The consequences in case of the flooding of polders will be estimated from two points of view. First an 
estimate of the probability to die for an individual residing at some place in the polder will be given. The 
most practical form of presentation might be a contour plot of the risk as a function of the place in the 
polder. Secondly the total number of people that will drown in a flood must be estimated. Because a polder 
can flood due to breaches at various places and according to different scenarios a FN-curve may be the best 
way to present this type of risk. Thirdly the total material damage that will be caused by a flood must be 
estimated. For reasons mentioned above a FN-curve may also be the best way to present this type of risk. It 
should be noted that the Delta Committee limited itself to the expected value of the material damage. The 
loss of life and the material damage will be estimated using cause-effect functions based on the experiences 
of the 1953 disaster. This could be criticised as considerable technical progress has been made providing 
people with better means but making society more vulnerable. Increased as well as reduced effects can be 
deduced therefore the cause-effect functions have stayed unaltered for the moment. As an example the FN- 
curve of the Brielse polder is shown in Figure 6.
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Figure 6. FN -curve fo r flooding o f the Brielse polder

The decision problem or the notion of acceptable risk
When the probabilities of flooding of the polders of the Netherlands are calculated the question will be: Are 
they safe enough? The answer for this question can only come from a broad judgement of the cost of 
improving the defences against the reduction of the probability of flooding related to the scale of the 
damage. This judgement is political in essence, because the costs as well as the benefits contain many 
aspects that may be valued quite differently by different parties. Dike improvement costs money, cultural 
heritage and amenity. The valuation problem of the consequences was already discussed. However the 
general picture is clear. If dike improvement is very expensive a higher probability of flooding will be 
accepted. On the other hand if the consequence of flooding is very substantial one will aim for a smaller 
probability. As shown already in the example of the previous pragraph an increasing effort will lead to an 
improvement of the safety of the dike that diminishes in the end. Efforts made to increase the knowledge as 
well as efforts to make structural improvements to the dike itself can be effective. Inspection of the existing 
dike system improves the knowledge and reduces the uncertainty. Checking the actual state of structural 
elements like sluices, pumping stations, etc may be particularly effective. Further research may reduce the 
model uncertainty with respect to certain failure modes and some less well known parameters. In the third 
place comes the classical improvement by increasing the height or the width of dikes. In principle this 
involves much larger sums of money. Very effectively starting with the weakest sections one will quickly 
meet diminishing returns. Progressing with increasing cost means finally the upgrading of the dike ring to a 
higher standard. The reduction of the loading in the sense of water levels or wave heights is sometimes a 
fourth possibility. Widening the flood plain of a river to reduce the water level is a modem example. The 
reduction of the future consequences of flooding by adequate spatial planning or disaster management is 
the last and completely new avenue opened by the new approach. In order to make a choice the costs of the 
measures depicted above must be weighed against the reduction of the probability of flooding and the

45



related consequences. It should be noted that the economic activity in the protected areas has grown 
considerably since the 1960s when the Delta Committee wrote its advice. Even more ambitious private and 
public investments, particularly in infrastructure, are planned. The national economy has therefore a far 
greater and still growing value exposed to flooding. Moreover the safety of a growing number of 
inhabitants is at stake. Contrary to the old days, many people are presently housed in suburbs located in the 
deepest areas of the polders. In future, the environmental consequences of flooding and the potential effects 
on nature and cultural heritage will play an increasing role in assessing the required scale of flood 
protection. The image of The Netherlands as a safe country to live, work, and invest is finally at stake. This 
justifies a fundamental reassessment of the acceptability of the flood risks in view of the costs of 
improvement.

The smallest component of the social acceptance of risk is the assessment by the individual. Attempts to 
model this are not feasible, therefore it is proposed to look to the preferences revealed in the accident 
statistics. The fact, that the actual personal risk levels connected to various activities show statistical 
stability over the years and are approximately equal for the Western countries, indicates a consistent pattern 
of preferences. The probability of losing one's life in normal daily activities such as driving a car or 
working in a factory appears to be one or two orders of magnitude lower than the overall probability of 
dying. Only a purely voluntary activity such as mountaineering entails a higher risk (Figure 7). 
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Figure 7. Personal risks in Western countries, deduced from the statistics o f causes o f death and the number of participants

per activity

Apart from a slightly downward trend due to technical progress, of the death risks presented, it seems 
permissible to use them as a basis for decisions with regard to the personally acceptable probability of 
failure in the following way:

P f i
ß , *  1 0 '

Pd\fi
where Pd|fi denotes the probability of being killed in the event of an accident. In this expression the policy 
factor ßi varies with the degree of voluntariness with which an activity /' is undertaken and with the benefit 
perceived. It ranges from 100 in the case of complete freedom of choice like mountaineering, to 0.01 in 
case of an imposed risk without any perceived direct benefit. This last case includes the individual risk 
criterion used for the siting of a hazardous installation near a housing area without any direct benefit to the 
inhabitants. A proposal for the choice of the value of the policy factor ßi as a function of voluntariness and 
benefit is given in table 2.
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Table 2. The value o f the policy factor ßj as a function o f voluntariness and benefit.

ft voluntariness direct benefit example
100 voluntary direct benefit mountaineering
10 voluntary direct benefit motorbiking
1.0 neutral direct benefit car driving
0.1 involuntary some benefit factory
0.01 involuntary no benefit LPG-station

For the safety of dikes a ßr value of 1.0 to 0.1 is thought to be applicable. The judgement of societal risk 
due to a certain activity should be made on a national level. The risk on a national level is the aggregate of 
the risks of local installations or activities. Starting with a risk criterion on a national level one should 
evaluate the acceptable local risk level, in view of the actual number of installations, the cost/benefit 
aspects of the activity and the general progress in safety, in an iterative process with say a fifty year cycle.

The determination of the socially acceptable level of risk assumes also that the accident statistics reflect the 
result of a social process of risk appraisal and that a standard can be derived from them. The formula should 
account for risk aversion in a society. Relatively frequent small accidents are more easily accepted than one 
single rare accident with large consequences like a flood, although the expected number of casualties is 
equal for both cases. The standard deviation of the number of casualties reflects this difference.

Risk aversion can be represented mathematically by adding the desired multiple k of the standard deviation 
to the mathematical expectation of the total number of deaths, E(N<¡i) before the situation is tested against 
the norm of ßi 100 casualties for the Netherlands:

E ( N d r ) + k » ( j ( N d r )  <  ß i » 1 0 0

where: k = 3 risk aversion index

To determine the mathematical expectation and the standard deviation of the total number of deaths 
occurring annually in the context of activity i, it is necessary to take into account the number of 
independent places NA¡ where the activity under consideration is carried out.

The translation of the nationally acceptable level of risk to a risk criterion for one single installation or 
polder where an activity takes place depends on the distribution type of the number of casualties for 
accidents of the activity under consideration. In order to relate the new local risk criterion to the FN-curve, 
the following type is preferred:

i - l '  s  (x)  —  f o r  all x >  10
x

If the expected value of the number of deaths is much smaller than its standard deviation, which is often 
true for the rare calamities studied here, the value of Q reduces to:

ß t » i  o o n2
Ci  =

' J Ñ A
The problem of the acceptable level of risk can be also formulated as an economic decision problem as 
explained earlier. The expenditure I for a safer system is equated with the gain made by the decreasing 
present value of the risk (Figure 1). The optimal level of safety indicated by Pf corresponds to the point of 
minimal cost.
m in(Q) = m m ( I ( p f )  + P V ( p f  • S))
where : Q = total cost

PV = present value operator 
S = total damage in case of failure 

If despite ethical objections, the value of a human life is rated at s, the amount of damage is increased to:
Pd\fi * N Pi * s  + S
where Npi = number of inhabitants in polder
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This extension makes the optimal failure probability a decreasing function of the expected number of 
deaths. The valuation of human life is chosen as the present value of the nett national product per 
inhabitant. The advantage of taking the possible loss of lives into account in economic terms is that the 
safety measures are affordable in the context of the national income.

In assessing the required safety of a dike system the three approaches described above should all be 
investigated and presented. The most stringent of the three criteria should be adopted as a basis for the 
"technical" advice to the political decision process. However all information of the risk assessment should 
be available in the political process.

Maintenance
Before saying anything about maintenance it is wise to define this term.
Maintenance signifies:

All activities aimed at retaining an object’s technical state or at reverting it back to this state, 
which is considered a necessary condition for the object to carry out its function.

These activities include both the repair of the structural strength, back to the starting level, and any 
inspections.
The costs of maintenance of civil engineering structures amounts to approximately 1% of the founding 
costs per year. For a life-span of 100 years this means that the maintenance costs are of the same magnitude 
as the construction costs. Taking into account the decline in new housing development projects, 
maintenance costs are clearly becoming an increasingly greater share of the expenses. A direct consequence 
is the desire to minimise maintenance costs. In order to realise this, the optimal maintenance strategy has to 
be sought. From the mechanical engineering maintenance theory, the following classification of strategies 
is known:
1. Curative maintenance - fault dependent maintenance
2. Preventive maintenance - use dependent maintenance

- condition dependent maintenance.

In the case of fault dependent maintenance, an object is repaired or replaced when it can no longer fulfil its 
function (Figure 8). Thus, repair takes place after failure, therefore a failure norm is involved. The life of an 
object is fully exploited. An object’s failure (and the associated costs) are accepted.
In hydraulic engineering this type of maintenance is usually not acceptable because, generally, the accepted 
probability of failure is limited. This type of maintenance can, however, be applied to non-integral 
construction parts (parts which do not contribute to the stability of the entire structure), with modest 
consequences of failure (provided reparation or replacement is not postponed for too long).

.
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Figure 8. Possible course o f strength with fault dependent maintenance

In the case of use dependent maintenance, maintenance is carried out after a period consisting of a 
previously determined number of usage units. The costs of maintenance and of the risk generally determine 
the extent of this period. The life of the object is not totally exploited. In mechanical engineering, this type 
of maintenance is applied if the usage units can be registered, for example with a kilometre indicator, 
product counter, etc..
In hydraulic engineering, this is different. We can hardly register all loads for every construction to 
organise the maintenance around those registrations. In this case, the loads in a period are considered 
random variables. Subsequently, the life time is estimated and the time for repairs is determined for which
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the probability of failure is sufficiently small and for which the costs are minimal. Therefore, one should 
use the term time dependent maintenance (Figure 9). A time norm is involved.
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Figure 9. Possible course o f the strength for time dependent maintenance

If loads which cause deterioration are registered, maintenance (inspection or repair) can be called for after
an extreme large load or after a certain total amount of loading (cumulative). This is classified as load
dependent maintenance, involving a load norm. In case the cumulative load plays a role, the possible
courses of strength and load are given in Figure 10. 

streng th /load
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Figure 10. Possible course o f the strength for load dependent maintenance

With condition dependent maintenance the state of the object is determined at set intervals, by means of 
inspections. The decision whether or not to carry out repairs is based on observations. The inspection 
intervals can be regular or dependent on the condition of the object. In the latter case condition parameters, 
indicating the condition of the object, have to be visible. The probability of failure in a period between two 
inspections has to be sufficiently small. Generally, the life time of the object can be better exploited than 
with usage dependent maintenance, but the costs of the inspections do have to be taken into account.
This type of maintenance also involves drawing up norms.

These norms concern (Figure 11):
1. a limit state which leads to an increase of the inspection frequency (warning threshold)
2. a limit state which leads to carrying out repair works (action threshold).
In fact this concerns strength norms. These norms result from an optimisation of the maintenance or 
correspond to a socially accepted failure probability in a year.
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Figure 11. Possible course of strength with condition dependent maintenance

The selection of the maintenance strategy to be used depends on factors such as:
- predictability of the life-span of the object;
- consequence of failure of the object;
- costs of replacement or repair;
- costs of inspection;
- visibility of the condition of the structure (damages or deterioration).
A first comparison of the different strategies, focussing on the usability is presented in Figure 12.
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Figure 12. Global selection of the maintenance strategy

In hydraulic engineering a combination of two or more strategies appears to lead to a better result than 
simply applying a strategy selected using Figure 12. Thus, for example, a planning can be drawn up using 
the time dependent maintenance strategy, which can be adapted on grounds of observed loads, whilst the 
initiative to commence repair works is dependent on the strength according to inspection. Based on this 
example, one can state that the limits of applicability of the different strategies are flexible for hydraulic 
engineering.
Generally, however, statements can be made about the consequences of failure and with that the acceptance 
of fault dependent maintenance. Choosing between time dependent and condition dependent maintenance is 
less simple. Completely time dependent maintenance will be applied if inspection is not possible or if 
inspection is expensive relative to repairs. Completely condition dependent maintenance will be carried out 
if it is not possible to make a prognosis of the strength in the course of time or if inspection is very simple 
and therefore inexpensive.
An important aspect of the condition dependent maintenance is collecting data concerning the strength in 
the course of time. This allows for better planning of the maintenance or the inspections.
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This paper will pay no further attention to the purely condition dependent maintenance, which requires no 
further knowledge of the wear of a construction.
The aim of this paper is to give a method which can be used to determine an economically sound planning 
of the times of repair and/or inspection of a structure.
Existing design models will be used for the deterioration of the structure.
The expected value of the costs of repair, inspection and the risk are central. To determine these expected 
values of the costs, a grasp of basic statistical techniques is necessary.

Deterioration models
The relation between strength and time is given by a deterioration model. The relation can be linear, 
exponential, logarithmic, etc.. In the case of development of the compression strength of cement stone, an 
asymptotic relation clearly exists (Figure 13). After approximately 30 days, the compression strength of the 
cement stone almost equals the maximum value.
Settlement of a dyke on a thick, hardly permeable layer also involves a limit value of the strength which 
can be observed. The settlement approaches a final value (Figure 14).
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Figure 13. Course o f the compression Figure 14. Course of settlement in time (consolidation)

strength of cement stone

The deterioration model thus determines the strength at every point in time. The model is an approximation 
of reality. The input required for the model is the starting strength and usually a number of parameters 
which describe characteristics of the material or the structure.
The parameters which serve as the input for the deterioration model are usually determined from tests or 
observations. They rarely have a certain value and can usually be best described by a random variable. This 
means that the strength at a certain time is a function of random variables and is thus a random variable 
itself.

Life-span of a structure without maintenance
The life-span of a structure is the time which passes between the realisation of the structure and the failure 
of the structure. In Figure 15 this is clearly marked for time dependent strength and load, for which the 
exact values are known for every point in time. The intersection of the strength and the load determines the 
moment of failure of the structure.

Strength, load

strength

load

---------- Life-span ------  ■ Time

Figure 15. Life-span for an exactly known course of strength and load in time
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In the case above, both strength and load are deterministic. The life-span is simple to determine, in that 
case. This is less so, when the load and/or the strength are random variables because, then, the life-span is 
also a random variable. The definition of the probability distribution of the life-span is:
Fl (t) = P r{L < t} = 1 -  P r{R > S  fo r  every r  in the interval (0, /)}
For the consideration of Pr {R > S  in the interval (0, /)} the load has to be defined as the dominating 
load in the period (0,t). As t increases the average of the load in the interval (0,t) will also increase. This 
way the dependence on the duration of the dominating load is incorporated in the probability distribution of 
the load. If the strength is also time dependent a new problem arises, namely the determination of the 
normative strength for the period (0,t).

Conclusions
The new probabilistic approach has great advantages compared with the present. The event that the system 
of water defences is meant to prevent (flooding), comes at the center of the analysis. The contribution of all 
elements of the system and of all failure mechanisms of each element to the probability of flooding is 
calculated and clearly presented. The possibility to include the probability of human failure in the 
management of water defence structures is especially attractive and useful. The length effect, meaning that 
a longer chain is likely to have a weaker link, is adequately accounted for in the new method.

The results of the application of the method to Central Holland reveal indeed a ranking of the weaker 
elements. A plan to invest increasing amounts of money by progressively improving the elements can be 
defined on the basis of the analysis. At this moment the optimal inspection and maintenance of the dike 
system amalgamates into a far sighted plan to improve the safety of the entire system. Also a wider scale of 
measures becomes eligible for decision making with the new method than before. Investment in inspection, 
in research and in adapting spatial plans are alternatives that can be compared with the classical measures 
of dike improvement.

Finally an approach is sketched to define the level of acceptable risk. The decision on the level of 
acceptable risk is a cost/benefit judgement, that must be made from individual as well as from societal point 
of view. A system of three rules is developed to support the decision how safe the dikes should be. The 
most stringent of the three criteria should be adopted as a basis for the "technical" advice to the political 
decision process. However all information of the risk assessment should be available in the political 
process. A decision that is political in nature, must be made democratically, because many differing values 
have to be weighed. The economic optimisation may however show that the economic activity in the 
protected areas has grown so much since the 1950s that a fundamental reassessment of the acceptability of 
the flood risks is justified. Moreover the image of the Netherlands as a safe country to live, work, and 
invest in is an important factor to consider especially when ever more ambitious private and public 
investments, particularly in infrastructure, are planned.
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Abstract

A n overview  is given on recent advances in Risk Based Inspection Planning (RBI) o f  structural 
systems. Inspection planning for systems m ust consider the effect o f  dependencies betw een the 
structural perform ance at the different locations in the system. It is show n how  different 
m ethodologies, dependent on the applied m itigation strategy, can account for these dependencies. 
A daptive strategies to inspection planning are introduced and justified , then tw o recently 
developed approaches to RBI for system s, based on these strategies, are review ed and necessary 
further research and developm ent is outlined.

Introduction
Risk Based Inspection Planning (RBI) has become a topic of large interest for engineering facilities in view 
of the increasing demands on the safety of the installations by the society (and therefore by legal 
authorities). A large number of publications have addressed the subject with respect to applications in 
different industries. The presented approaches are ranging from fully qualitative to fully quantitative 
approaches for maintenance planning and optimisation.
Quantitative approaches to RBI based on structural reliability analysis (SRA) and quantitative risk analysis 
date back to as early as Tang (1973) and have been developed mainly during the last 20 years, especially in 
offshore engineering, see e.g. Skjong (1985), Madsen et al. (1989) and Fujita et al. (1989). In an 
accompanying paper Faber (2003) presents a state-of-the-art methodology that, due to the introduced 
simplifications, has proved to be well suited for application in practice. Figure 1 shows a typical output of 
such a RBI procedure for individual elements.
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Figure 1. Inspection optimization of single elements from Straub and Faber (2002a)
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While quantitative RBI on a element-by-element basis has reached the stage of practical applicability, 
quantitative inspection planning procedures considering entire systems have been the subject of only a 
small number of publications. The effect of dependency between individual elements on the updating after 
the inspection (posterior analysis) has been investigated in some studies, see e.g. Moan and Song (1998), 
Cramer and Friis-Hansen (1994), Faber and Sorensen (1999), Lotsberg et al. (1999) as well as Straub and 
Faber (2002a). In Faber et al. (1992) an informal decision analysis is proposed where the number of 
considered elements is reduced in a consistent and systematic way. However, due to the required numerical 
effort and stability, such approaches have not been demonstrated to be practical. Even though its 
importance is emphasized in many publications, an approach to RBI of systems that is directly applicable in 
practice has not been described to date.
In this paper recent advances in RBI of systems are reviewed. Although these approaches have not yet 
reached the state of industrial applicability, they represent a first basis for the consistent treatment of 
inspections of systems within the framework of pre-posterior analysis of the Bayesian decision theory. Due 
to dependencies in the system, information is obtained not only on the inspected element itself, but also on 
all other elements. These dependencies increase the effect of inspections on the perceived system 
performance and must thus be considered by the inspection optimisation procedure. The methodologies 
reviewed in this paper account for this effect when optimising the inspection effort.

System model
For the purpose of integrity assessment and modeling it is convenient to represent the system by discrete 
(finite) elements. In most cases the largest defect in each element is of interest, modeled by the random 
variable S f , the size of the largest defect in element 7. The S f are described by the marginal distribution

functions Fs (sf ), 7 =  1,2, . . ,N  and the covariance matrix, COVss , that represents the stochastic

dependency between the largest defects of the individual elements. Typical examples of such elements in 
real systems are e.g. hot spots in a steel structure subject to fatigue failures or finite elements of a structure 
subject to corrosion. The model is illustrated in Figure 2.

Cov Cov

Figure 2. Illustration  o f  the system deterioration model from  S traub  and F aber (2002b)

In principle the individual Fs (sj ) can be different for all elements. For many systems the model of the

deterioration will, however, be identical for a large number of elements. E.g. for a pipeline with 
homogenous conditions along its axis the prior model of corrosion depth will be the same for all elements 
along the bottom.
For deteriorating systems time is an additional dimension that has to be considered. Defects can then be 
described by the marginal distribution functions Fs f (S, t ) of the largest defect in element 7 at time t and 

the corresponding covariance matrix. Mostly a more sophisticated model is applied where the deterioration
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process under consideration is modelled explicitly; the spatial model however remains as illustrated in 
Figure 2.

Overview on modelling and planning inspection of systems
RBI for time invariant problems (e.g. defects that are constant with time) reduces to the problem of 
determining where to inspect, what type of inspections to perform and what to look for. There are generally 
limited numbers of possible combinations of these parameters. On the other hand, if the inspection effort is 
optimised for deteriorating structures, additionally the times of the inspections can vary, which makes RBI 
for time variant problems much more complex and demands for corresponding procedures.
For systems, in accordance with Straub and Faber (2002a & b), a second distinction is made between cases 
where common mitigation actions for all elements are applied and cases where the individual elements are 
treated separately. For concrete structures repairs are often planned and performed for an entire systems or 
sub-system (a typical system can be an entire concrete wall subject to corrosion). The repairs to perform are 
decided for the entire system based on sample inspections which are assumed to represent the overall 
system with sufficient accuracy. For steel structures, such strategies can be reasonable for pipelines where 
repairs are difficult to perform for individual parts only. On the other hand structures subject to fatigue are 
typically systems with discrete elements (namely the hot spots subject to fatigue). These are generally 
assessed and repaired individually, i.e. each repair decision is based on previous inspection of the hot spot 
under consideration. The decision process is thus more complex for these systems because, as demonstrated 
in Straub and Faber (2002b), the correlation between individual hot spots can only be accounted for by 
applying an adaptive inspection planning strategy as presented below.
The four principally different cases are illustrated in Figure 3 together with the respective inspection 
optimization procedures. _______________________________________________

Common mitigation 
actions

Individual mitigation 
actions

Time invariant
(a)

Classical Bayesian 
quality control theory

(c)
System POD

Time variant 
(deterioration)

(b)
Condition indicator 

methodology

(d)
Modular approach

Figure 3. Four different solution strategies to the inspection planning for systems

Case (a) & (b) - Common mitigation actions

For systems consisting of elements subject to identical conditions and for which preventive and corrective 
maintenance actions are the same for all elements, i.e. when all elements are replaced or repaired given that 
a certain percentage of the elements have reached an unacceptable state, the inspection and maintenance 
planning problem reduces to a classical quality control problem. For time invariant problems the 
optimization of testing (inspection) is straightforward and can be performed according to the classical 
references of e.g. Raiffa and Schlaifer (1961) or Benjamin and Cornell (1970). Wall and Wedgwood (1998) 
show a (simplified) application of the approach, where they determine the cost optimal inspection coverage. 
Considering deteriorating systems Faber and Sorensen (2002) extend the classical solution and introduce 
so-called condition indicators. The indicators (which in principle are inspection results) give information 
about the state of the overall structure at different point in times. By evaluating the content of these 
information at different times and for different inspection coverages, the optimal number and time of 
inspections may be evaluated.

Case (c) & (cl) -  Individual mitigation actions: Adaptive strategies

For systems where repairs are only planned after a previous inspection, inspection of dependent elements 
has no direct influence on the repair decision of the non-inspected elements. The non-inspected elements 
will not be repaired. However, if only part of the system is inspected, based on the result of the inspections 
additional inspections may be planned. This is an adaptive strategy. Adaptive inspection strategies have the
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characteristics that the total number of inspections is not known beforehand but depends on the 
performance of the structure. The inspections are thus more targeted towards systems that perform worse 
than average. In the following section it will be shown how these adaptive strategies can be formulated and 
optimized based on Straub and Faber (2002a & b).

Inspection planning for structural steel systems subject to fatigue

Time invariant case

If non-propagating cracks are considered, then the methodology as presented by Straub and F aber (2002b) 
is directly applicable. It is based on the idea of evaluating the expected number of detected cracks in the 
system. Because this approach is in analogy to the classical Probability of Detection (PoD) concept for 
individual hot spots, it is denoted the System PoD (PoDs). It is demonstrated in Straub and Faber (2002b) 
that the PoDs not only depends on the quality of the inspection, but also on the correlation structure of the 
cracks in the system and the applied adaptive inspection strategy. It is thus a common characteristic of the 
system and the inspection method.
The adaptive inspection strategy for a system of N  elements is formulated as follows: In a first round, the 
y th fraction of all hot spots are inspected, i.e. y ■ N  elements. If more than the q th fraction of these 

inspections result in detection (i.e. y ■ q ■ N  elements), than all hot spots are inspected, otherwise no 
additional inspections are performed. This strategy can be refined as long as its adaptive character is 
maintained. Figure 4 shows the PoDs for the defect and inspection model from Straub and Faber (2002b) 
when q is equal to 0.3. Clearly the PoDs depends on the dependency structure within the system (the 
correlation between the individual hot spots), expressed by the correlation factor r . Increasing correlation 
increases the amount of information on the non-inspected hot spots as gained by the first inspections and so 
increases the PoDs. A non-adaptive strategy (no additional inspections regardless of the outcome) leads to a 
linear PoDs.
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Figure 4. System PoD for d ifferent correlation between the individual elements

The parameters y  and q , as well as the inspection coverage, can be optimized with respect to the total 
expected costs when the expected cost of missing a defect is quantified. Such an optimization is illustrated 
in Figure 5.
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Figure 5. Inspection optim isation based on the system PoD concept from  S traub  and F aber (2002b)

Time variant case

If time is considered in the inspection planning the adaptive strategy becomes more complex. In principle 
an infinite number of possible combinations of inspection times and locations exists and optimisation 
becomes very difficult. This is discussed in Straub and Faber (2002a). Based on the generic approach to 
RBI of single hot spots, see Faber (2003), a methodology for the RBI of systems is proposed by Straub and 
F aber (2002a) to overcome the problem. Their basic idea is to relate the performance of a hot spot to the 
(deterministic) fatigue design factor FDF  which is obtained from design calculations. This allows to 
calculate the expected value of information (on the system) gained by an inspection (the value of the 
inspection comes from the fact that it reduces the expected failure costs). This is based on the value of 
information concept from the classical Bayesian decision theory, see Raiffa and Schlaifer (1961).
Using the generic approach, it is possible to determine the optimal inspection plan and the total expected 
cost for each individual hot spot as a function of the FDF. Given the inspection results, the FDF" s of the 
non-inspected hot spots are updated. Because each FDF  implies an optimal inspection strategy, the 
inspection times of the non-inspected hot spots are automatically adjusted with the updated FDF. The 
methodology in this way forms an adaptive inspection strategy.
Figure 6 shows the value of information that is obtained by inspection of one hot spots as a function of the 
FDF  of the inspected hot spot and the time of inspection. It is the expected amount of obtained information 
for a dependent1 hot spot.

1 Simplifying it is assumed that the stress ranges are fully correlated from one hot spot to the other, all other 
random variables in the deterioration model are taken as independent.
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By calculating the value of information from a set of inspections, the optimal numbers and times of 
inspections can be evaluated. Such an example is illustrated in Figure 7. The amount of information 
converges with increasing number of inspections toward a maximum value (the expected value of perfect 
information).
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Figure 7. O ptim isation o f the num ber o f  inspections a t  a certain  tim e, considering the effect on the dependent hot spots, from
S traub  and F aber (2002a)

Conclusion and discussion
Two different approaches to RBI for systems based on adaptive inspection strategies were reviewed. Their 
applicability is still restricted. The system PoD approach is to date only applicable to non-deteriorating 
defects, e.g. the optimisation of initial inspections or inspections at a given point in time. The modular 
approach, based on the generic approach to RBI, is more sophisticated and allows for a consistent 
incorporation of the system effects (due to dependencies between the individual hot spots or elements) in 
the inspection planning procedure. Unfortunately, the methodology in its present form is too complex for 
application in practice.
Nevertheless, the presented methods can be used to assess the influence of dependencies in the system and 
may be applied in a semi-quantitative manner to account for system effects in the final inspection 
scheduling (e.g. by reducing the number of similar inspections when no cracks are found). In addition,
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further development could allow to extend the system PoD  concept so that it is applicable in a consistent 
manner also for time varying defects.
Very little is known on dependencies between the resistance against deterioration at different locations in 
the structures for all types of deterioration mechanisms. Further research is thus needed mainly on the 
understanding and modelling of the dependency structure in deteriorating structural systems.
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Abstract

The identification of cost efficient maintenance strategies for concrete structures usually takes 
basis in condition assessments achieved through inspections, tests and monitoring. It is well 
recognized that such condition assessments are subject to significant uncertainties and in general 
at best provide indications rather than observations about the condition of the structure. The 
present work proposes a probabilistic framework for the quantification of inspection results for 
concrete structures in regard to their actual condition, the predicted future degradation, the 
estimated remaining service life and the expected service life costs of the structure. Within this 
context it is shown how condition indicators, based on non-destructive evaluation methods, can 
be formulated to enable quality control and inspection and maintenance planning. Furthermore it 
is investigated how the “strength” of the indicators not only depends on the inspection method but 
moreover may be significantly dependent on the age of the structure at the time of the inspection.

Introduction
As a consequence of the degradation processes such as e.g. ingress of chlorides and subsequent corrosion of 
the reinforcement, concrete structures will degrade gradually and if no intervention is made the state of the 
structures may become a matter of significant risk, if not to personnel then in terms of costs. The 
economical efforts required to maintain the already existing stock of concrete structures are rapidly 
increasing and consequently engineers are looking for ways to balance the risks associated with ageing 
structures against an inevitable shortage of funds for maintenance and repair.
Regular inspections form an important tool in condition control of concrete structures and the information 
gathered should form the basis for repair and maintenance planning. In practice the quantification of 
inspection results is highly person dependent (subjective) and therefore the overall assessment of the actual 
state and future performance of concrete structures is not performed in a rational and systematic way. To 
overcome this problem recent work has been aiming to identify consistent approaches to the quantification 
of inspection results for the inspection methods commonly applied in practice for the condition assessment 
of concrete structures. Benjamin and Cornell (1970) introduced condition indicators in a Bayesian 
framework for quality control. In Faber and Sorensen (2000) and Faber and Sorensen (2002) this idea has 
been elaborated further and it is shown that the quality of half-cell potential measurements may be 
consistently quantified for assessment purposes in terms of the effect of the measurement results on the 
predicted life time of the structure. This both for structures with localized deterioration and for structures 
with spatially distributed deterioration. In Lentz et al. (2001) a systematic study is reported regarding the 
probabilistic modeling of the quality of half-cell potential measurements as a means of condition control for 
highway concrete bridges exposed to thaw salt. There it is also shown how the probabilistic models of the 
half-cell potential measurements may adequately be categorized in accordance with exposure class 
(chlorides and humidity) and that the limiting potential in fact is a decision variable to be optimized under 
consideration of the service life costs of the structure. Flowever, half-cell potential measurements is only 
one alternative among several different inspection methods applied as a means for the regular condition 
control of structures. General visual inspections, cover meter measurements, chloride profiles, Torrent

62

mailto:rwicki@student.ethz.ch
mailto:2malioka@ibk.baug.ethz.ch
mailto:3faber@ibk.baug.ethz.ch


porosity measurements, see e.g. Torrent (1992) and built-in corrosion cells represent a selection of other 
methods used in practice and for which the quality quantifications is still to be established.
In the present paper three of these indicators are considered, namely macrocell systems, the cover thickness 
measurements and carbonation depth measurements using phenolphthalein. Limit state functions for the 
events defining new information about the structure are formulated and it is demonstrated how these are 
applied to update the probability of adverse events such as initiated or visual corrosion. Two features of the 
indicators characterizing the relevance and the quality of the indicator as a means for condition control are 
then studied in detail, namely the strength of the indicator, i.e. the probability of the (adverse) state of 
interest conditional upon a certain indication and the likelihood of the indicator, i.e. the probability of 
observing the indication conditional upon the (adverse) state of interest.

Degradation and Condition Control
Following e.g. Faber (1997) inspection and maintenance strategies can be optimized by consideration of 
their effect on the expected service life benefits. Optimal inspection and maintenance strategies may thus 
normally be identified as those minimizing the expected total service life costs including the costs of 
inspection and testing, the costs due to future maintenance and repair and the costs due to future failures
£ [ C r ]  =  £ [ C , ]  +  £ [ C * ]  +  £ |C V ]  ( 1 )

w heree [C,], ^[CT], i [ C f ] are the expected inspection, repair and failure costs respectively. In 
probabilistic terms the expected costs can then be determined as the probability that the cost-inducing event 
will occur multiplied by the cost consequences given the event. However there are many aspects that the 
engineer needs to consider before the cost evaluation.
Regarding inspection and maintenance planning of concrete structures, the development in time of the most 
important deterioration mechanisms may be described by two main phases namely initiation and 
propagation. Each deterioration phase is associated with different characteristics and consequences. For the 
case of deterioration due to corrosion these phases and their characteristics may be seen in Figure 1, see 
also Faber and Gehlen (2002).
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Deterioration © \

Time
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©  Spalling
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Failure

Figure I. S truc tura l de tonation  o f  concretre structu res

Based on the different characteristics of each phase of deterioration, the cost efficiency of maintenance and 
repair activities depends on when and how these are implemented. In the maintenance decision problem a 
valuable tool is the information gathered through inspections. To this end there are many directions that 
may be followed in regard to the type of the inspection and the time of execution of the inspection.
If the progress of deterioration is detected at an early stage, the risk of major and costly future repair works 
may be significantly reduced by relatively inexpensive preventive maintenance. The question, however,

63



remains in regard to which method of inspection is the more suitable and at what time during the service 
life of the structure it is more efficient to be implemented. Thus, referring to Equation 1, the minimization 
of inspection and repair costs is highly dependent on the type of inspection and the time of its 
implementation.

Bayesian approach to inspection and maintenance planning

Application of Bayesian decision theory to inspection data

Decision making or providing decision basis in problems influenced by uncertainties and/or lack of 
knowledge is a central role for the engineers. In addition to that when decisions are to be made within 
limited budgetary constraints the importance of the information in hand becomes even more significant.
The main resource of information regarding the true state of a structure is on-site inspections from which 
information may be obtained to update the currently available knowledge. However it is not always feasible 
or economically efficient to collect additional information concerning the state of the structure. In addition 
to that the choice of the inspection method will affect the resulting decisions both technically and 
economically. Bayesian decision theory provides a mathematical model for making engineering decisions 
subject to uncertainties, Benjamin and Cornell (1970).
The concept of Bayesian statistics and its importance in knowledge updating for the purpose of reliability 
based assessment of structures is treated in detail elsewhere, see e.g. JCSS (2001). Here only the direct 
application for the present problem is addressed further.
The probability of a structure being in a certain state e.g. exhibiting visual corrosion {C V (/)} , at time t 
may be evaluated as
P{CV{t)) = P{g{X ,t)<  0) (2)

where X  is the vector of random variables describing the degradation process under consideration and 
where {g ( X ,  t )  < 0} in general is a limit state function defining the state of interest. When additional 
information becomes available e.g. through an inspection, the probability of the structure being at a certain 
state may be updated by use of the rule of Bayes. Thus for an inspection result described by the event {/} 
the updated (posterior) probability of visual corrosion becomes

n e w  i n -  P d p ' o m c v m )  _  (3 )
P (l\C V (t ))P (C V (t )) + P (I\C V (t ))P (C V (t )J 

where I  is the inspection result - the indication.
The mixing between new and old information takes place through the prior probability,P ’( C V ( t ) )  , and

the sample likelihood P(l\CV(t) )  i.e. the probability of obtaining the indication I  given the true state of

{C F (/)}. From Equation (3) it is seen that the posterior probability depends not only on the direct quality 
of the inspection method, i.e. the likelihood but also on the prior probability. This effectively means that the 
outcome to be expected from an inspection is highly influenced by the probability of the state of concern, 
an issue that will be discussed later.
In Figure 2 an example is given of the updating scheme based on the numerical evaluations of Equation (3).
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Figure 2. Illustra tion  of the Bayesian updating scheme based on the application o f Equation (3).

Condition indicators
Non-destructive evaluation (NDE) methods are less than perfect and there is always the probability of 
erroneous indications. Within the Bayesian decision framework condition indicators may be formulated for 
addressing the probability of false indications, for use in knowledge update as frequentistic information is 
collected and for a more consistent prediction of the structure’s future condition.
As described in F aber and Sorensen (2000) the quality of inspection methods may be quantified by the 
probability that the considered inspection indicates degradation given that degradation is actually present,
P ( I d ]D )  , and in addition to that the probability that the applied procedure indicates degradation given 

that the last is not actually present, p ija  d \  I  d  represent inspection results such as a half-cell potential

measurement and D  can refer to one of the deterioration phases (see e.g. Figure 1) such as corrosion 
initiation. However there is also the probability of observing a negative result. This is expressed as the

probability of no indication of deterioration given deterioration, P ( I-ß ] D )  , and the probability of having 

no indication given that deterioration is not present, P ( I — \d  )  .

These probabilities may be used to predict the state of the structure at some point in time in the future. 
Considering for example deterioration due to corrosion of the reinforcement inspection and maintenance 
planning may be described by the event tree shown in Figure 3. The event of visual corrosion at the time of
repair decision T  is indicated as C V  and C V  is the event of no visual corrosion. I D and I  -, refer to a

positive and a negative indication of corrosion respectively, while C l  and C l , denote the events of
corrosion initiation and no corrosion initiation at the time of the inspection t  .
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Indication P ( C I  n  C V  n / B )
Visual

p ( a  n cr  n i B)No indication

P<-CI n cv  n 7-)IndicationCorrosion
No visual

P ( C I  n c r  n 7- )
No indication

Indication p ( a  n cr  n i B)
Visual

p  ( a  n  c v  n / „ )
No indicationNo corrosion

p(CI n CT' n 7-)Indication
No visual

p (CI n CF n 7-)
No indication

Time of inspection Time of repair decision

Figure 3. E vent tree fo r condition states and inspection observations.

Based on the above event tree the probability of the structure showing signs of visual corrosion say after 
T  =50 years given that a NDE has provided a negative indication of corrosion initiation at time t j is given

by _  _
P(CVf)CI) -  P ( I -1 CI) P (C Vf)C I ) -P ( I -1 CI )

K, K,
where

K¡ =p(l3 \ci)[p(cmcv) + p(cmcv]+
P (  \ c l  ) [ p (  c l  n  c v  ) + P (  c l  n  c v ]

And for the case of a positive indication the relevant probability is given by:

(4)

(5)

_ P(C V f] C I ) -P ( ID\CI) P ( C V [ \ C I ) .P ( I L Cl)
(6)

(7)

where
k 2 = p ( i D J c i ) [ p ( c i  n  c v ) + p ( c i  n  c v ] +  

P ( i D\ c ï ) [ p ( â  n  c v ) + P ( c ï  n  c v ]

The above probabilities may also be interpreted as the strength of the indicator, see also Faber and Sorensen 
(2002) where numerical studies of the half-cell potential measurement indicator are reported both for the 
case of localized corrosion as well as for spatially distributed corrosion.

Numerical Investigations
In accordance with the approach outlined above a series of numerical investigations of the quality of the 
cover meter, the corrosion cell and the carbonation depth measurements as indicators of the instantaneous 
as well as the future condition of concrete structures is given. The corrosion cell measurement provides 
direct information about the degradation phase of the structure at the time of the measurement i.e. whether 
or not corrosion initiation has taken place. The cover meter measurements only provide indirect 
information in regard to the degradation phase of the structure while the phenolphthalein measurements 
may supply information for the progress of deterioration due to carbonation. Furthermore, as shall be seen, 
all three methods may be applied as indicators of the future condition of the structure.
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Probabilistic m odelling

For the purpose of illustration a concrete structure is considered with the deterioration process being 
corrosion due to chloride ingress or carbonation. The two main deterioration phases have been examined
i.e. corrosion initiation and propagation (see also Malioka and Faber (2003) and Wicki (2003)) while here 
illustrations are provided for the case of corrosion initiation . In the case of chloride attack corrosion 
initiation takes place when a certain critical concentration C CR is exceeded. Assuming that the ingress of

chlorides through the concrete cover may be described by a diffusion process with diffusion coefficient D 
the time till corrosion initiation at a depth z  may be written as, DuraCrete (1999)

t 2  (  i  c  S \  2 1
Tr =■

4D e r f  1 -
CR

(8)
V V w  y y 

where C s is the concentration of chlorides on the surface of the concrete.
In the case of corrosion due to carbonation, initiation is considered to occur when the carbonation front 
reaches the first layer of reinforcement. The time till initiation is given by the following expression, 
DuraCrete (1999)

i
(  \ l - 2 n

2
(9)T ,  = D

2 - k c - k t - k e  C s ■ t
V a y

where k t is a test method variable, k c is an execution variable, k e and n are environmental variables 
while a  represents the binding capacity for C 0 2 and t  is a reference period.
The time until corrosion becomes visual is expressed as the time till corrosion initiates plus a certain 
propagation time TP i.e.

T-L T/- T  + T
i  p (10)

The probabilities of corrosion initiation and visual corrosion may be estimated using e.g. FORM/SORM 
methods, Madsen et al. (1986), based on the following safety margins
M  = g(X, t )  = X j  ■T1 - t  (11)
M  = g ( x , t )  = X r TI + TP - t  (12)
where X ¡ is a model uncertainty associated with the corrosion initiation time. The probabilistic modelling 
of the parameters in the above equations may be found in Faber and Sorensen (2002) and Wicki (2003).

Macrocell techniques for corrosion monitoring

General

Information collected relative to ongoing corrosion of reinforcement in concrete is an important tool in 
assessing both the present and future performance of the structure. However it is not possible to remove the 
steel in concrete nor is it beneficial to remove the concrete cover for carrying out reinforcement checks. 
Macrocell techniques seem to be very promising as a means for non-destructive long-term monitoring of 
corrosion and the prediction of its future development. The method rests on embedding macrocell devices 
into the concrete. This includes embedding steel into the concrete, in the form of several steel bars at 
different depths, to create a corrosion cell in the shape of a ladder.
The current between the steel members is measured and provides an indication of corrosion initiation. A 
detailed description of the method can be found in Broomfield (1997) and Bentur (1997). For the 
evaluation of the strength of the indicator and the quality of the inspection the ladder and ring
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(Figure 4).
configurations have been used as proposed 
(2001)

in Schiessl and Raupach (1992) and Raupach and Schiessl

Figure 4. Sketch o f the ladder macro-cell system (Broomfield (1997).

As the chloride or carbonation front reaches each steel bar this becomes active and the current passing from 
the anodes can be measured. Both configurations has been tested in a number of bridges, Schiessl and 
Raupach (1992) and Cusson (2002) and proved rather useful. Although there are some limitations relatively 
to the use of macrocell techniques, Broomfield (1997), they provide the advantage of facilitating long-term 
condition control and a means for checking the degradation state of the structure at any time.

Condition indication by a “ ladder” macrocell system

In this case the indicator is the current passing through a steel bar located at a certain depth z  . A rebar 
ladder is assumed with four steel rebars (rungs) at 20 mm increments for the examining chloride induced 
corrosion, while the ring configuration has been used for evaluating the indicator’s performance for 
corrosion due to carbonation. The time until corrosion initiates at that depth is described by Equation (8). 
The limit state function for corrosion initiation at depth z  is as in Equation (11) with t  =  t jnsp where t f

is the time of inspection. According to the general approach of Bayesian updating the probabilities of 
corrosion initiation at the depth of reinforcement in a reference future time are estimated given a positive or 
a negative indication of current passing through a ladder bar. Equation (13) shows the posterior probability 
of corrosion initiation given that a current is passing through the system.
p ( T i - t < 0 \ T i  - t msp< 0 )  =

p\(A  ~ t msp ^ 0 \ T ' - t < 0 ) i IA

P i ri; -  t msp ^  0 ji

For the case of “no indication” Equation (13) takes the following form

p (tI; - tmsp < o \ - ( T , - t < o j ) . p {t , - t < o )
~ t m s p < o ) )

Accordingly the posterior probabilities for visual corrosion may be estimated using the limit state function 
shown in Equation (12), Malioka and Faber (2003).
Figures 5 and 6 provide an illustration of the probabilities of corrosion initiation in 50 years given a 
positive indication of corrosion initiation due to chloride ingress and carbonation respectively. As it can be 
seen (Figure 5) in the first 10 years the inspection using a ladder macrocell system will not provide much 
information regarding the initiation of corrosion at the depth of reinforcement, particularly for positions of 
the ladder rungs greater than 40 mm depth. That is because the probability of corrosion initiation is quite 
low until this point in time in such depths. Actually for a position of the rungs of 60 mm and more there is 
no differentiation in the results for at least up to 25 years. On the other hand for a depth of measurement of 
20 mm the indicator may provide important information up to 15 to 20 years. After that the strength of the

(14)
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indication is not that significant and it is of more interest to look at information gathered from a greater 
depth.
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Figure 5. Probability  o f  corrosion initiation a t depth o f  reinforcem ent (t=50 years) given an  indication o f  corrosion initiation at
depth z (chloride model).

From Figure 6 it is seen that a positive indication of corrosion initiation at a depth of 10 mm in the first 5 
years results in a high probability of corrosion initiation in 50 years. However for inspections after 20 years 
the indicator yields practically the same information in regards to the development of corrosion. Also this 
phenomenon appears for depths greater than 30 mm and inspections carried out earlier than 20 years. What 
is also interesting to look at is a comparison with the probabilities for corrosion due to chloride ingress. For 
example for a positive indication at a depth of 20 mm the probability of corrosion initiation falls rapidly in 
the carbonation model and that is due to the fact that carbonation is a slow process while in the chloride 
model the relevant probability remains at a quite high level.
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Figure 6. Probability  o f  corrosion initiation a t depth o f  reinforcem ent (t=50 years) given an indication o f  corrosion initiation at
depth z (carbonation model).

Examining the probabilities of corrosion initiation for a negative indication, Malioka and Faber (2003) and 
Wicki (2003), these have been much smaller in the carbonation model compared to the ones in the chloride 
model something that can again be explained by that carbonation processes slowly; thus a negative 
indication of corrosion initiation at a certain depth makes it relatively not viable to have corrosion at the 
depth of reinforcement within the referred period. Nevertheless comparisons of this kind would be of more 
use if the models were corresponding to the same structure but data are still required in order to carry out 
such a research.
The quality of the inspection under examination may be expressed through the likelihood i.e. the 
probability of indication of corrosion initiation given that corrosion initiates at some specified point in time 
(Figures 7 and 8) and of the probability of indication of corrosion given that corrosion will not actually 
initiate before the referred period, see Malioka and Faber (2003) and Wicki (2003). In mathematical terms 
the likelihood is given by the conditional probabilities in the numerator of Equations (13) and (14). It can 
be seen for example that the likelihood of a current passing through the system in the chloride model is low 
for an inspection time of 5 years particularly at depths greater than 30 mm. For the case of carbonation
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induced corrosion an inspection in 5 years is rather unlikely to provide an indication of corrosion initiation. 
Therefore it will not be advantageous carrying out this type of test at an early stage. What is noticed in 
general is a shift to the left of the likelihoods in the case of corrosion due to carbonation that is another sign 
of the slow progress of carbonation relatively to the progress of chloride induced corrosion. It is quite 
improbable that a current passes through the ring configuration at depths more than 25 mm even for an 
inspection time of 45 years; while in the chloride model, for the same inspection time, the likelihood of a 
current passing through a ladder rung positioned in 60 mm has a value of about 70%.
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Figure 7. Likelihood of cu rre n t passing a t  depth z given corrosion initiates a t t=50 years (chloride model).
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Figure 8. Likelihood o f  cu rren t passing a t  depth z given corrosion initiates a t t=50 years (carbonation model).

For the case of no corrosion initiation in 50 years the likelihood profiles are similar but have significantly 
lower values particularly for the case of carbonation, Malioka and Faber (2003) and Wicki (2003).

Cover depth survey

General

Cover measurements are normally carried out on new structures to check that adequate cover has been 
provided to the steel according to the design specifications, Broomfield (1997). However this is not always 
the case and cover surveys normally also form part of principle inspections as they may help explain why a 
structure is corroding and show which areas are most susceptible to corrosion due to low cover. Moreover it 
is one of the most significant measurements since it can be used to interpret results from other NDE 
methods such as chloride analysis and carbonation depth measurements, TRRL (1980) as well as to update 
the probability of corrosion initiation as a function of time, Sterritt et al (2001).
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The concrete cover thickness indicator

For the concrete cover measurement the following limit state has been used

M  = d - d obs+ed (15)
where d ^ s  is the cover depth measured at the inspection and S d is the error associated with the
measurement, here modeled as a normal distributed random variable with zero mean and standard deviation 
of 5 mm, BA 35/90 (1990). The updated probability of corrosion initiation given a cover thickness 
measurement may then be expressed as 
p (t { - t < 0 \ d - d obs+ s d = o )  =

p ( d - d obs+s d = o |r 7 - / < o ) ^ ( r 7 - t < o )  (16)

P (d  ~ d obS + SJ =°)

In the same manner the posterior probability of visual corrosion may be expressed based on the limit state 
function of Equation (12). In Figures 9 and 10 the probability of corrosion initiation given a concrete cover 
measurement are shown for corrosion due to chloride ingress and carbonation respectively.
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Figure 9. Probability  o f  corrosion initiation given a  cover thickness m easurem ent (chloride model).
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Figure 10. P robability o f corrosion initiation given a  cover thickness m easurem ent (carbonation model).

It can be seen that the measurement of the concrete cover depth early in the structure’s life can be very 
beneficial to predict the development of corrosion in the future. And to that extend the time of future 
measurements of a different nature may be planned to avoid major expenditures. If for example a cover 
measurement is undertaken say in 10 years after construction and a high value of cover is indicated then the 
expected probability of corrosion initiation is quite low, even negligible for corrosion due to carbonation. 
Thus other forms of testing may be planned for a much later point in time than the case would be if a small 
cover has been observed. In the latter case the structure would require frequent control and repair at a very 
early age thus leading to high costs. Moreover from the strength of the cover thickness indicator it is vastly

1.0

Cover
th ick n ess

0.9

0.8

0.7

0.6

0.5

0.4

0.3

■400.2

0.1

0.0
0 5 10 15 20 25 30 35 40 45 50 55 60 65 70 75 80 85 90 95 100 105

71



clear that carbonation does not progresses too fast and therefore a test such as carbonation depth 
measurements (as described later) could provide valuable information if carried out after some years from 
construction.
The likelihood of a specific observation, given by the conditional probability in the numerator of Equation 
(16), is shown in Figures 11 and 12. For a reference time of 5 years for example where corrosion initiates it 
can be seen that values of concrete cover greater than 30 mm are rather unlikely.
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Figure 11. Likelihood of observed cover thickness given corrosion initiation (chloride model).
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Figure 12. Likelihood of observed cover thickness given corrosion initiation (carbonation model).

Therefore based on initial knowledge about the time of corrosion initiation, if during an inspection a rather 
unlikely value of the concrete cover is observed then this could be interpreted as an erroneous measurement 
and should in any case give rise to an extra check.

Carbonation Depth Measurements

General

Carbonation of surface zone concrete will be accompanied by a loss of alkalinity of the concrete affected. 
Knowledge of the depth of carbonation may be useful when assessing potential durability and the 
likelihood of corrosion of the reinforcement. Carbonation depth measurements if compared with the 
average reinforcement cover may provide an estimation of the progression of depassivation with time. The 
most common method used to address carbonation depths is a solution of phenolphthalein sprayed on to a 
freshly exposed cut and or broken surface of the concrete. A detailed description of the technique may be 
found in Broomfield (1997) and Bentur (1997). There are some limitations to the method as described in 
Parrott (1987) and Broomfield (1997). However for most practical considerations the method is very 
accurate and reliable. Moreover is easy and fast to carry out. Phenolphthalein detects the change of pH by 
changing from colorless at low pH (carbonated zone) to pink at high pH values (uncarbonated zone).
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The phenolphthalein indicator

The indicator is formulated based on the depth of carbonation measured with the solution of 
phenolphthalein. The time to corrosion initiation is given by Equation 9 where z  is equal to X0¡,s +  S 

where X0¡,s is the carbonation depth measured and S  is a factor corresponding to the uncertainty of the 
measurement and the actual depth of the carbonated zone, Wicki (2003). The probability of corrosion 
initiation at some point in the structure’s life is given by Equation 13 and illustrated in Figure 13.
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Figure 13. P robability o f corrosion initiation (t=50 years) given a  carbonation depth m easurem ent.

For an inspection after 5 years of construction an observation of 5 mm indicates a small probability of 
corrosion initiation in 50 years. For larger carbonation depths the probability of corrosion initiation is high 
for early inspection times but decrease quite rapidly for inspections carried out later. Thus while an 
observed carbonation depth of 15 mm after 5 years of construction may form an alarm indication with a 
probability of corrosion initiation equal to 90%, the same observation after 20 years indicates a probability 
of something less than 60%. Moreover in the interior of the concrete (observations > 20 mm) a statement 
may be made after about 20 years. Following also a comparison with the probabilities provided by the ring 
system (Figure 6), it is evident that the last ones have a lower value for the same depth and inspection time. 
That is probably due to the fact that the carbonated zone is larger than the observed carbonation depth (see 
also Parrott (1987)).
The likelihood of a certain observation is shown in Figure 14. It is evident that an inspection 5 years after 
construction using phenolphthalein practically gives no indication of carbonation while if carried out after 
15 years it is likely to obtain a small carbonation (~3 mm). However very large measurements are still not 
to be expected even after 45 years.
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Figure 14. Likelihood of carbonation depth m easurem ent given corrosion initiates a t t=50 years.
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Discussion and Conclusions
The quality and the relevance of inspection methods for condition assessment of concrete structures subject 
to corrosion have been considered using the concept of condition indicators in a Bayesian probabilistic 
framework. Following an approach previously utilized for the quantification of the quality and relevance 
for half-cell potential measurements, three non destructive evaluation methods have been examined namely 
macrocell technique, cover thickness measurements and carbonation depth measurements using a solution 
of phenolphthalein.
The rebar ladder and ring configurations of the macrocell technique provide a direct indication of corrosion 
initiation at different depths. It is a rather advantageous technique since it is installed once into the concrete 
and may provide long term monitoring of the progress of corrosion. Based on the formulation of the 
relevant indicator, i.e. the current passing through a ladder rung, it was seen that measurements at an early 
point in time after construction do not provide significant information about the future degradation states 
unless measurements are taken at rather low depths. Therefore if such a system has not been built into the 
concrete during construction the information gathered through the formulation of condition indicators may 
enable decisions upon an optimum time for installing the system and additionally upon the depth of 
installation and spacing of the ladder rungs (when the ladder configuration is being used). Moreover it was 
observed that there is not much information provided by indications at large depths (in the cases examined 
greater than 60 mm for the case of chloride ingress and greater than 40 mm for the case of carbonation) for 
inspection times up to 30 years. However the state of the next level of the system in depth has not been 
utilized within the present study. In normal situations, i.e. where the ingress of chlorides is not very 
advanced this approximation is not expected to be significant; however, for situations where the prior 
probability of initiation of corrosion at the system where no current is running is high the approximation 
could lead to errors. This aspect should be considered in more detail in the future.
The studies indicate that the cover thickness measurements are more beneficial if carried out at an early 
point in time. Based on the observation and the results for the strength of the indication the time of a critical 
degradation state may be predicted and interventions may be planned accordingly in order to avoid major 
future expenditures. The use of cover meter measurements as a condition indicator is proposed for quality 
control of newly built structures and if carried out early may be useful in the planning of other inspection 
methods. In the present paper the condition indicators have been examined individually. Nevertheless the 
combined use of different indicators containing supplementary information may provide a more consistent 
interpretation of inspection results also in relation to more than one state of interest such as durability and 
strength. For example it has been observed, Vu and Stewart (2000), that a structure with a high 
water/cement ratio and relatively good concrete cover presents a reduced compressive strength if compared 
to a structure with lower water/cement ratio and lower concrete cover. The cover thickness and the 
water/cement ratio utilized as indicators thus provide different information for different states of interest. 
For indications by phenolphthalein the formulation of the relevant indicator has shown that a low observed 
carbonation depth does not provide much information regarding the progress of carbonation. The same 
applies for large carbonation depths observed up to 20 years. Moreover it was seen that it is rather unlike to 
get an indication of carbonation very early in the structure’s life. That is because carbonation is a quite slow 
process and that should be taken into account when planning this type of test. Furthermore in order to 
predict with better accuracy the development in time of the carbonation process the concrete cover value 
should be taken into account.
In conclusion the formulation of condition indicators seems very promising in inspection and maintenance 
planning of concrete structures providing a tool for a consistent quantification of the information contained 
in inspection results. More work should be directed to a thorough mapping of the quality of different 
inspection methods together with their relevance for the different deterioration processes prevailing 
throughout the service lives of different classes of structures under different environmental conditions.
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Abstract

On site and laboratory testing was performed with regard to durability of the Eastern Scheldt 
Storm Surge Barrier. The structure was built in the 1980s on the South West coast of The 
Netherlands. The Barrier stretches about 2800 m across the Eastern Scheldt estuary including two 
islands and consists of 68 openings, each with cast in-situ piers connected by precast beams and 
precast bridge elements and steel sliding doors. All concrete was made of blast furnace slag 
cement with a low w/c, using river sand and either dense river gravel or lightweight coarse 
aggregate. Cover depth to the reinforcement was measured. In the laboratory, chloride profiles, 
thin section microscopy and compressive strength and splitting tensile tests were performed. 
Chloride penetration is discussed with regard to concrete type and exposure. Service life 
calculations are presented using the DuraCrete model for chloride ingress induced corrosion 
initiation.

Introduction
The Eastern Scheldt Storm Surge Barrier is located on the south-western coast of the Netherlands. The 
barrier was designed in the 1970s to protect the low-lying land against flooding by sea water. The main 
structure was designed for a service life of 200 years using then existing service life prediction models 
(Gulikers, 2000); the bridge superstructure was designed for 50 years. The dominant deterioration 
mechanism was thought to be chloride ingress induced reinforcement corrosion. The barrier was built in the 
period 1980-1986 and a few chloride profiles were taken in 1989 and 1994. Presently, the owner is 
considering the need for maintenance of the bridge superstructure in 2005-2010.
Intensive inspection and sampling of four test areas on the barrier was carried out as part of a larger project 
for CUR research committee B82 ‘Durability of Marine Concrete Structures’ (DuMaCon). The DuMaCon 
program aims to collect data and to validate the service life model developed in the EU sponsored program 
DuraCrete (DuraCrete R17, 2000). Additionally, large scale chloride profiling on the bridge superstructure 
was done for evaluating the need for maintenance. This paper concentrates on analysis of chloride ingress 
in the bridge superstructure.

DuraCrete model for chloride penetration induced reinforcement 
corrosion
The DuraCrete model for chloride penetration induced reinforcement corrosion assumes chloride transport 
by diffusion, based on a constant chloride surface content, a time-dependent diffusion coefficient and a 
threshold level for the critical chloride content at the reinforcement. All three variables depend on the 
exposure condition, which for marine structures is divided in submerged, tidal, splash and atmospheric 
zones. The corrosion process is schematised in two phases: an initiation phase in which chloride penetrates 
towards the reinforcement until the critical chloride content is reached; and a propagation phase in which
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actual corrosion takes place until an unacceptable level of damage is reached. Chloride penetration is the 
dominant process during the initiation phase. Figure 1 shows an example of chloride profiles at two ages 
and the relationship to the two phases.

5 0.50% 

20 years 

M— 50 years
4

3

2

1

0

depth (i
corrosion

cracking

propagation

initiation time
Figure 1. Chloride profiles in a  concrete struc tu re  in m arine environm ent a t tw o ages and th e ir  relationship to the two phases 

in the corrosion process; assum ed critical chloride content 0.50 %  by m ass o f cement.

Since the 1970s, chloride transport in concrete has been modelled as a diffusion process using Fick’s 
second law. For the case of penetration from the outside into chloride-free concrete and Cs and Dapp are 
constants, the chloride content C(x,t) at depth x (for instance at the front of the rebars) and at time t is then 
given by :
C(x,t) = Cs [ l-e rf(x /2 V (D appt)] (1)
with Cs the chloride surface content and Dapp the (apparent) chloride diffusion coefficient and erf the error 
function.
From repeatedly investigated exposure sites and other work, it was discovered that the diffusion coefficient 
was not constant but appeared to decrease with time (Bamforth et al., 1994 and Maage et al., 1996), and 
more strongly so for blended cements (blast furnace slag and fly ash cements) than for Portland cement.
This led to the introduction of time-dependency of the diffusion coefficient (Maage et al., 1996 and Thomas 
et al., 1999), which can be modelled by an exponential decrease:
Dt = D0 (t0/t)n ' (2)
with Dt and D0 being respectively, the diffusion coefficients at the time o f  inspection t and at a reference 
time t0 (for instance from a test at early age in the laboratory); the aging exponent n takes values between 0 
and 1, depending on the environment and the cement type. The DuraCrete model further includes a set of 
conditional coefficients expressing the influence of the environment, the cement type and the curing, here 
together denoted K. The chloride content C(x,t) at depth x and at time t is then given in the DuraCrete 
model by:
C(x,t) = C, [1 -  erf (X/2V {K D0 (t0/t)n})] (3).
A slightly different time dependent solution has been proposed by Visser et al. (2002) and a modified 
formulation of K was proposed by Gehlen (2000). DuraCrete provides a simple model for calculating Cs 
from the exposure zone and the concrete composition:
Cs = AcC1 (w/b) (4)
with Ac C1 a regression coefficient depending on the cement type and the exposure zone; and (w/b) the 
water-binder ratio.
The DuraCrete Final Technical Report (2000) provides tabulated values for n and (individual coefficients 
together forming) K, based on exposure and field data and expert opinion.
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Currently, in the design stage for a new structure, the DuraCrete approach can be applied as follows. The 
chloride surface content is calculated for the particular exposure zone. The intended cover depth is chosen 
and a limit value for the diffusion coefficient at 28 days is calculated using equation (3) from the desired 
length of the initiation period. Concrete compositions with potentially suitable diffusion coefficients are 
selected from a database. Then trial mixes are made and their diffusion coefficients are tested at 28 days 
age using a compliance test, for which DuraCrete has chosen the Rapid Chloride Migration (RCM) test 
(Tang, 1996). RCM is a short term test based on acceleration of chloride penetration by an electric field. If 
necessary, the composition is modified until satisfactory D0 values are obtained. Several major structures 
have been designed for service life using this method. It should be noted that for new structures, D0 is 
known (measured by accelerated laboratory testing) and Cs is predicted.
DuraCrete does provide both a full-probabilistic approach as well as partial (safety) factors for a Load and 
Resistance Factor Design (LRFD) based approach for calculating probabilities of failure. However, a 
probabilistic approach is outside the present scope. In the present paper, all considerations given pertain to 
mean times-to-corrosion.

Layout of the structure
The storm surge barrier across the Eastern Scheldt has a length of 2800 m and is located in the south­
western part of the Netherlands at the estuary of the Eastern Scheldt bay into the North sea. The barrier 
consists of three parts - Hammen, Schaar and Roompot - named after the original tide-ways it now crosses 
(Figure 2). It contains 68 openings, of which 62 can be closed by steel sliding doors. During normal 
weather conditions the sliding doors are fixed in a raised position to allow free tidal movements. Only
during periods of strongly increased flooding risk, the barrier will be closed by lowering the sliding doors.

Ham m en

S ch aar
N O R T H S E A

Amsterdam

Den Haag
Utrecht

Rotterd<

GERMANY

R oom pot

B,Ugge  G e n t Antwerpen

BELGIUM Kbln
e  B a n ja a rd

Figure 2. Location o f  E astern  Scheldt S torm  Surge B arrier and its th ree  parts: Ham m en, Schaar, Roompot.

The complete barrier comprises of 65 concrete piers at 45 m centres. The piers are linked by threshold 
beams on the seabed and upper beams about 1 m above mean sea level (NAP). The piers, threshold beams 
and upper beams are manufactured from gravel concrete with reinforcing and prestressing steel. A 
motorway “bridge” made of prestressed concrete box girder elements is built over the storm surge barrier. 
A schematic is shown in Figure 3.
The bridge-elements consist of dense gravel concrete (max. grain size 32 mm, 325 kg blast furnace CEM 
III/B per m3, w/c 0.44) except for one span at each abutment, made of lightweight concrete with expanded 
shale as coarse aggregate (max. 8 mm, 400 kg CEM III/B per m3, w/c 0.38). Each section was precast and 
steam cured for 2 hours (max. temperature 37 °C). The bridge-elements were cast and placed mainly in 
1984. The bridge-decks protect the sides of the box girders against direct precipitation. When the sliding 
doors are in the raised position, the lower part of the door is about NAP + 1 m and the highest point varies 
between NAP + 5.90 m and + 11.90 m, the highest doors being near the midpoint of the original tide-ways.
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This means that the sliding doors will be shielding (part of) the bridge-elements facing the North Sea, as 
western wind predominates. Furthermore, turbulent airstreams have been observed around the structure.

M otorw ay

N AP + 9.4 m
T e s t  a r e a  1 & 2

Coring
loca tions

North sea side
Mean sea  level 
(N AP)

T e s t  a r e a  3
(upper beam )

T e s t  a r e a  4

S u b m e r g e d
Figure 3. Cross section o f a  pier with the motorw ay bridge and  test/core sam pling locations and the difference between the

sm allest and largest sliding doors (in raised position).

Inspection and sampling
Intensive investigation for DuMaCon took place in 2002 on four test areas (1 -4 , each about l x l  m2, 
position indicated in Figure 3). In test area 1, six cores were taken from a gravel concrete bridge element; 
test area 2 was on lightweight concrete, both on the Eastern Scheldt side. Cores of 100 mm diameter were 
taken for compressive and tensile strength and RCM testing. For the additional profiling investigation 
(API), about 75 cores were taken from bridge elements, indicated “coring locations”, from both sides of the 
bridge and along the complete length of the barrier. Chloride profile cores had 50 mm diameter. They were 
diamond-sawn in slices which were subsequently powdered, dissolved in concentrated hot nitric acid and 
titrated according to Volhard. DuMaCon testing involved 6 slices (010, 10-20,.. 50-60 mm) and API 
testing involved 4 slices (for gravel concrete 10-18, 18-26, 26-34 and 34-42 mm; for lightweight 
concrete 10-20, 20-30, 30-40 and 40-50 mm). Cover depth measurements on site were performed using a 
Hilti Ferroscan FS10. Additional cores were taken for microscopy.

Results
Concrete microscopy of 13 samples showed that the concrete was properly mixed and compacted. The 
cement type was blast furnace (>65% slag) and the degree of hydration was moderate to high, the apparent 
w/c about 0.45 for gravel concrete. Paste-aggregate bond was good (gravel) to excellent (lightweight). No 
deterioration was observed due to frost, sulphate, alkali-silica reaction or leaching. Carbonation depths 
were generally a few mm. Deposition of products of reaction between cement paste and sea water (such as 
calcite, brucite, ettringite) were restricted to a layer of 0.1 mm thickness on the surface and inside voids 
down to a few mm depth. The overall quality was good (gravel) to excellent (lightweight). Compressive 
(tensile) strength for both mixes was c. 60 MPa (4 MPa), wet density about 2420 (gravel) and 1830 
(lightweight) kg/m3. The electrical resistivities measured on samples stored under water or vacuum 
saturated showed high values, typical for dense slag cement (about 600 Qm). Steel in gravel concrete in test 
area 1 had a mean cover depth of 41.1 mm (SD 1.4 mm). The outer bars in lightweight concrete in test area 
2 had a mean cover depth of 47.7 mm (SD 3.2 mm).
The results of the chloride profiles allow discussion for various combinations of factors that could influence 
chloride penetration: concrete composition (lightweight/normal weight); North Sea/Eastern Scheldt side; 
height of sliding door. Some factors appear to interact. On the North Sea side chloride ingress is much 
lower for lightweight concrete than for gravel concrete. This is also the case on the Eastern Scheldt side, 
but the difference is small compared to the scatter (Figure 4). For gravel concrete the chloride penetration
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is higher on the North Sea than on the Eastern Scheldt side, while for lightweight concrete it is higher on 
the Eastern Scheldt side than on the North Sea side.
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Figure 4. V arious groups o f chloride profiles; solid lines: m ean; hatched lines: m ean plus o r  minus one standard  deviation.

Another source of variation is related to the position along each of the three parts of the barrier (Hammen, 
Schaar, Roompot), associated with the height of the sliding doors. Mean chloride profiles have been plotted 
per bridge element and compared to the relative door height in Figure 5. It shows that the lowest chloride 
ingress has occurred behind the highest doors and that the effect is most pronounced in the Schaar part of 
the barrier. It appears that the sliding doors shield and partly protect the bridge-elements at the North Sea 
side. On the Eastern Scheldt side no noticeable effect of the size of the doors was found. This issue 
concerns only gravel concrete, as there are no sliding doors in front of the lightweight spans.
Chloride penetration profiles are analysed and characterised by Cs and Dapp obtained by fitting the diffusion 
equation (1). Table 1 summarizes the data. The chloride surface content Cs for gravel concrete appears to be 
rather constant at 4.5 to 5%, except for the influence of slide door height (extremes 6.8 and 2.6%). Cs for 
lightweight concrete is lower on the North Sea side, but apparently it varies between locations on the 
Eastern Scheldt side. The mean value of 9 cores taken along the complete barrier was 5.5%, with extremes 
3.1% and 10.8%. In test area 2 (Hammen 16), the mean of 6 cores taken within 1 m2 of concrete surface 
was 3.1%. Dapp is remarkably constant for gravel concrete, about 0.30 * IO"1'  m '/s; and lower but slightly 
more variable for lightweight concrete between 0.13 and 0.21 * IO'12 m2/s.
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Figure 5. C hloride profiles in gravel concrete on N orth sea side, on different positions along the flow channels Schaar and
Room pot with relative door height indicated
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Table 1. Mean values (and standard deviation) for Cs and Dapp for various combinations o f  exposure, concrete composition 
and door height; API additional multiple core testing; TAI, 2 Test Areas 1 and 2; Schaar 13 and 11 are sub-sets o f API; 

_____________________________________________number of cores per data-set._____________________________________________

Concrete Gravel lightweight gravel
Dataset 
(door height) API API TA 1 API API TA 2 Schaar 13 

(5.9 m)
Schaar 11 
(11.9 m)

Exposure side North Sea Eastern
Scheldt

Eastern
Scheldt North Sea Eastern

Scheldt
Eastern
Scheldt North Sea North Sea

Surface content 
(% by mass of 
cement)

4.9
(1.3)

4.4
(1.3)

5.3
(1.5)

3.4
(1.2)

5.5
(2.4)

3.1
(0.1)

6.8 2.6

Diffusion coefficient
(xlO-12 m2/s)

0.33
(0.12)

0.26
(0.09)

0.28
(0.12)

0.13
(0.05)

0.21
(0.09)

0.13
(0.01)

0.27 0.30

no. of cores 14 12 6 16 9 6 1 2

Verification of the DuraCrete model for existing structures
In principle, the DuraCrete model is also applicable to existing structures. In most cases, of course some 
assumptions on parameters are then necessary, for instance the 28-day diffusion coefficient is not available 
because it has not been measured at the time of construction (the test did not exist yet). Generally, a set of 
chloride penetration profiles taken during an inspection at time tinsp will be the starting point. The profiles 
are analysed using equation (1), which produces a set of pairs of Cs and Dapp values. So for an existing 
structure having been inspected once, Cs is known and D0 is not. One way of further analysis is to apply the 
tabulated aging exponent and environmental coefficient from DuraCrete (calculating backwards in time), to 
arrive at D0. Having obtained D0 this way, predictions for future penetration can now be made similarly to 
the situation for new structures by applying equation (3).
In the DuraCrete model Cs is generated using equation (4). Using Cs from the measured profiles instead of 
calculating it from equation (4), Cs can be used for updating the service life design. This implies that the 
aging exponent and the conditional coefficients are reliable. At present, however, their reliability seems 
limited. In this study, Cs and Dapp are taken from the inspection profiles together with D0 values from a 
database for similar concrete compositions; Dt (from calculation) is supposed equal to Dapp (from 
inspection). Then the age exponent n and the conditional coefficient K that shows the best fit to all sets of 
C„ Dapp and D0 are compared to the tabulated values.

Table 2. Input and output o f DuraCrete model calculations for 3 cases and time-independent calculation from observed values 
for surface chloride content and chloride diffusion coefficient; gravel concrete bridge element Hammen 8; RCM at 28 days 

_________________________ estimated 4.5 * 10-12 m2/s; critical chloride content 0.5%, cover 41.1 mm_________________________

test area 1

location gravel concrete bridge element Hammen 8, Eastern Scheldt side
Case 1 2 3 4
DuraCrete zone atmospheric splash splash + Cs (update) observed
n(-) 0.85 0.60 0.60 D constant
Cs (% mass of cement) 1.4 3.0 5.3 5.3
Dt (IO'12 m2/s) 0.18 0.28 0.28 0.28
tlm (year) 9*107 230 92 34

Table 2 reports the input and output of DuraCrete model calculations for gravel concrete from test area 1 
for 3 cases. A 4th case is added, based on the observed mean values for the chloride surface content and 
diffusion coefficient and taking these values constant over time. The chloride profiles as calculated by the 
model are compared to the obtained mean profile in test area 1 and presented in Figure 6. Case 1 is based 
on equation (3) and the conditional coefficients for the atmospheric zone. Both the chloride surface content 
and diffusion coefficient are strongly underestimated by the DuraCrete model. Time-to-initiation is about 
90 million years. This value is obviously too optimistic; it is not realistic to design the bridge elements for 
atmospheric exposure. Case 2 is based on equation (3) and splash zone exposure coefficients. The time-to- 
initiation is about 230 years. Because the calculation underestimates Cs, this result must be regarded as
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optimistic; the diffusion coefficient is correctly predicted. Case 3 is based on splash zone exposure with the 
surface content taken (updated) from the measurements (Table 1). Time-to-initiation then becomes about 
90 years; this seems to be a realistic mean time-to-initiation. For the worst case position with the highest 
surface content due to limited shielding by a low sliding door (Schaar 13, Table 1), a time-to-initiation was 
found of 65 years. Case 4 is based on the observed surface content and a constant diffusion coefficient, 
without considering its decrease over time. This approach does not take into account the beneficial effect of 
further hydration or the effect of drying out (n = 0) and is outside the DuraCrete model. Time-to-initiation 
for Case 4 is about 34 years. Summarising, the DuraCrete prediction (using the splash zone model) for the 
gravel concrete bridge elements is too optimistic because the chloride surface content is underestimated. 
Updating the calculations by using the observed surface content after 18 years appears to produce a realistic 
mean time-to-initiation.
It appears that whatever model is used, the mean time-to-initiation of the gravel concrete bridge element is 
well beyond the required design life of 50 years. The lowest time-to-initiation may be found for elements 
where the steel sliding doors are lowest.

6.0
Atmosphericbridge, gravel Ham m en 8

5.0 Splash

Splash + c_s
4.0

— O—  best fit

g  observed3.0

2.0

0.0

D epth (mm)

Figure 6. Chloride profiles calculated from  D uraC rete  fo r case 1, 2 and 3 (updated Cs) and the mean profile as observed on
test area  1 (case 4); gravel concrete

Table 3. In p u t and output of D uraC rete  model calculations fo r 3 cases and for observed values fo r surface chloride content 
and (constant) chloride diffusion coefficient; lightweight concrete bridge element H am m en 16; RC M  a t 28 days assum ed 4.5 * 
_______________________________10-12 m2/s [8]; critical chloride content 0.5% , cover 47.7 nini_____________________________
test area 2
location lightweight concrete bridge element Hammen 16, Eastern Scheldt side
case 1 2 3 4
DuraCrete zone atmospheric splash splash + n (update) observed
n(-) 0.85 0.60 0.74 D constant
Cs (% mass of cement) 1.4 3.0 3.0 3.0
Dt (IO'12 nr/s) 0.18 0.28 0.13 0.13

tlm (year) 7*10s 485 8* IO4 
750 mean fo r  API

160
66 mean for API

Table 3 reports the input and output for 3 cases of DuraCrete model calculations for lightweight concrete 
(test area 2). As above, a 4th case is added based on the observed values for surface chloride content and (a 
constant) diffusion coefficient. Case 1 is based on DuraCrete calculations for the atmospheric zone. The 
time-to-initiation is 700 million years. This value is clearly too optimistic, due to the strongly 
underestimated chloride surface content. Case 2 is based on splash zone exposure. The time-to-initiation is 
about 500 years. Because the calculation overestimates Dt, strictly spoken this result must be regarded as 
pessimistic. Case 3 is based on splash zone exposure, however, the age exponent is increased (updated) in 
order to arrive at the diffusion coefficient found after 18 years. The time-to-initiation is 80,000 years. Case 
4 is based on the observed surface content and diffusion coefficient. As mentioned above, this is outside the 
DuraCrete model. The time-to-initiation for Case 4 is about 160 years.
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Taking into account the data of all cores from lightweight concrete (see also Table 1), the results change 
slightly. The cores taken for API from the Eastern Scheldt side show a much higher surface content and a 
much higher diffusion coefficient than test area 2. Consequently, the time-to-initiation is significantly 
shorter. By coincidence, test area 2 is the most favourable location of all lightweight elements sampled. 
Using the mean values for all lightweight concrete on the Eastern Scheldt side (Table 1), a modified 
DuraCrete splash zone calculation produced a mean time-to-initiation of 750 years (instead of 80,000, case 
3) and using a constant diffusion coefficient produced a mean time-to-initiation of 66 years (case 4), see 
Table 3. Taking the results from Schaar 17, where chloride penetration was most advanced of all 
lightweight elements, the case 3 result was 275 years.
It appears that whatever model is used, the mean time-to-initiation of the lightweight concrete elements is 
well beyond the required design life of 50 years; it is probably beyond the required service life of the 
complete barrier (200 years). It should be noted, however, that the DuraCrete models may not apply for 
lightweight concrete, as the Final Technical report does not explicitly give parameter values for concrete 
made with lightweight aggregate.

Conclusions
A large scale investigation of chloride penetration was carried out on the Eastern Scheldt Storm Surge 
barrier, constructed on the North Sea coast in the 1980s. This paper concentrates on the bridge 
superstructure, located about 10 m above mean sea level.
Data after c. 18 years marine exposure show advanced chloride penetration, which depends on concrete 
type (gravel or lightweight), orientation (North Sea or Eastern Scheldt side) and shielding by sliding doors. 
Analysis of the measured chloride profiles using Ficks second law of diffusion shows relatively consistent 
values for chloride surface content and diffusion coefficient for gravel concrete; however, more scatter was 
present in these parameters for lightweight concrete.
Further analysis was made using the DuraCrete time-dependent diffusion model. Modelling as atmospheric 
exposure strongly underestimated chloride penetration. Reasonable fits to observed profiles were obtained 
using coefficients for splash zone exposure. Mean times-to-corrosion-initiation calculations resulted of 
about 230 years (gravel concrete) and about 500 years (lightweight concrete). When the prediction is 
updated using the observed chloride surface content from the inspection (gravel concrete) or the age 
exponent (lightweight concrete), updated mean times-to-corrosion-initiation calculations resulted between 
65 and 90 years (worst case and mean for gravel concrete) and between 275 and 750 years (worst case and 
mean for lightweight concrete).
Regarding the DuraCrete model and its tabulated coefficients, chloride transport in the gravel concrete was 
modelled correctly, but the surface chloride content was underestimated. For lightweight concrete, the 
surface content was modelled correctly but the rate of chloride transport was overestimated.
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Abstract

It is observed by simulations in this paper, that with considering spatial variability of structural 
properties in the model, it is more realistic and reasonable to do the reliability analysis of 
structural deterioration and therefore improve the decision making of optimal maintenance 
strategy for the structures.

Introduction
Due to variety of physical and chemical processes, concrete bridges as well as other civil engineering 
structures deteriorate and may reach, after some time, a minimum acceptable level of performance. At that 
point in time maintenance (including inspection, repair and replacement) has to be carried out correctly in 
order to avoid that the structure has insufficient reliability or efficiency. As many short-cyclic maintenance 
processes have shown, a more preactive approach can be much more cost-effective. For practice it is 
important that costs involved in those maintenance activities can be predicted and where possible be 
optimized. As most parameters in those processes are random, probabilistic-based reliability analysis is 
utilized, that in general the probability of failure (e.g. spalling of concrete due to corrosion) is calculated as 
a function of time. However, the fact that a lot of parameters show spatial random variability, which are 
intricately linked with dependencies on temperature, w/c ratio, cement type, humidity and workmanship 
(Chryssanthopoulos 2002), is not included in most of the studies. Until now, work concerning with spatial 
variation for durability aspects of concrete structures have: Hergenroeder & Rackwitz 1992, Engelund 
1998, 1999, and 2000, Sorensen 1999, Sterritt 1999, Karimi & Ramachandran 1999, Chryssanthopoulos 
2002, Vu and Stewart 2001, 2002 and Faber 2002.
If there is no spatial variability, the result at one point is applicable for the whole element, or the complete 
structure or even the total set of structures. This is of course not very realistic. This paper is concerned with 
the deterioration analysis caused by chloride initiated corrosion of concrete bridges with due regards to the 
effect of spatial variability of two random variables by means of Monte-Carlo method. Under the condition 
of various spatial correlations, the probability of having at least one corrosion spot in the beam is calculated 
as well as the probability distribution for the corroded area during the lifetime. The method of considering 
spatial variability in the reliability calculation and its impact on the inspection or repair decision are 
discussed. Furthermore, different repair strategies and their costs are compared with consideration of the 
effect of spatial variability.

Impact of spatial variability on concrete degradation

Schématisation o f modeling concrete bridge
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A bridge can be divided into regions based on different criteria, for example based on vulnerability to 
damage, environmental condition, structure, loading or construction situation, etc. In this case a region is 
defined as “an area that, based upon efficiency considerations for repair actions, should be treated as a 
whole”. Each region is looked as an independent spatial random field. For simplicity, the research focuses 
on only one rectangular region from a concrete bridge. It is assumed to have a length of 18m and width of 
6m (Figure 1) and divided into n equal elements along the x direction and m equal elements along the y 
direction. The deterioration of concrete is assumed to be caused onlyhby chloride-induced rebar corrosion. 
The designed lifetime is set to be 80 years.

IIo\
B

1

| ^ L / n

Figure 1. M odelling one region o f  the structu re

■L=18m

M odeling o f deterioration

The chloride ingress at the rebar in year t can be modelled by the following equation:

ca ^ ) = ca -y ed c - r = =  0 )y]4-Da ■t
where ca (t) concentration of chloride at time t in depth a [%]

cCi;s concentration of chlorides at the concrete surface [%]
a concrete cover [mm]
t time [year]
DCi achieved chloride diffusion coefficient [nr/year]

For each element in Fig. 1, the corresponding limit state function is given by:

Z i = ca-,crj - ca ß )  (2)
Where eCi;cr ¡ is the critical value of concentration of chloride for /' element [%]
We assume here, for simplicity, that an element is failed when corrosion of rebar begins. In mathematical 
terms it means that Z¡ < 0 (equation (2)). The total corroded area is calculated by summing up the area of all 
failed elements in each year. From a practical point of view, this represents the total number of “work 
packages” to be handled.

M odeling for spatial variability o f physical properties

We assume the region is a homogeneous Gaussian field. Normally, of course, random fields are seldom 
homogeneous. Many properties may differ systematically form point to point. From many applications, 
however, the homogeneous Gaussian field may be a helpful tool in the statistical description of spatial 
random properties.
Here the variables cc& (concentration of chlorides at the concrete surface) and a (concrete cover) in 
equation (1) are assumed to show spatial random fluctuation. A homogeneous Gaussian field is assumed to 
describe the random spatial properties. The correlation between different points (pJx) for each variable can 
be calculated by equation (3), which is only a function of distance between two points (Vrijling 1999, 
Vrouwenvelder 2002):
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/>(□*) = A + ( l - A ) e xP ( - (^ 7 )2)a
where: p 0 parameter indicates a common source of correlation for all elements

Ay distance between two points (sections) [m]
d  fluctuation scale [m]

The other two variables in equation (1), the critical value of chloride concentration (cC/„.) and the chloride 
diffusion coefficient (Da  ), are assumed to be either fully correlated (jo0=1) or independent for each element 
(Table 1).

Input data

Overview of input properties of variables is shown in Table 1, where 3 typical different correlation 
scenarios are considered.

Table 1 T hree d ifferent correlation scenarios
Scenarios

(a) small correlation (b)median correlation (c) full correlation
Variable Distribution Mean Std. Dev. Po 1 d P o  1 d Po 1 d

Ccis Normal 1.7% 0.425% 0 1 2 0.5 1 2 1 1 CO

C C h e r Normal 0.5% 0.1% independent 1 1 GO 1 1 CO

D Ci Normal 2E-5
m'/Year

7E-6
m'/Year

independent 1 1 GO 1 1 GO

a Normal 60 mm 9.7 mm 0 1 2 0.5 1 2 1 1 CO

Calculation

The Monte Carlo Method is carried out in the space with independent standard normal variables. Therefore, 
transformation is carried out to the correlated random variables (ccfe, and a¡ in this case) due to spatial 
variability (Thoft-Christensen 1987). We can find the relationship by Choleski’s decomposition between 
transformation matrix and correlation coefficients p,j obtained by equation (3).

Results

According to the scenarios (a)—(c) mentioned in the above section ‘input data’, the probabilities of having 
at least one failed element (called system failure) are obtained in Figure 2, and the proportions of corroded 
area are shown in Figure 3.

OJ 1
b
1  0.8
Em
Vs 0.6 >«
o  0.4

^  0 2 in J ±2 O
¿  0

0 20 40 60 80 10L
Year

Figure 2. Probability  o f system failure (a) Small correlation; (b) M edian correlation; (c) Full correlation
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Figure 3a. small correlation

20%
50%

 80%

0.2

0 20 40 60 80 100
Y e ar

Figure 3b. m edian correlation

^ 0.6 

I  0.4 

0.2 

0

50%
- b -  2 0 %  

+ 80%

0 20050 100 150Ye a r
Figure 3c. full correlation 

F igure 3a till c. P roportion  o f  corroded a rea  by chloride ingress w ith time u nder different correlations 

(A cor is the corroded area  in the beam [m2] and A is the total a rea  o f  the beam [m2])

We can see a large difference between different correlations and Figure 3. The probability of system failure 
is becoming larger with the decrease of the correlations between elements. For example in year 60 in Figure 
2, the system probability of failure will be changed from 25%, 70%, to 100% if element correlations 
changes from “full” to “median” and to “small”.
In Figure 3, we can get the view of damage situation of the region in each year for different correlation 
properties.

We use the value at year 60 again in Figure 3b) to explain the meaning of three curves in each figure of 

Figure 3:

• The value of Acor/A is 0.1 for the curve of 50%, which means in year 60:

'  A„
P<

A
<  0 .1 0  > =  5 0 % .

The value of Acor/A is 0.6 for the curve of 80%, which means in year 60:

'A „
P<

A
< 0 .6  >- =  8 0 % .

A„
The value of Acor/A is 0 for the curve of 20%, which means in year 60: ^  =  0 j  =  2 0 %  .

That also means probability of no damage is 20%.

In Figure 3, the difference between the value of curve 50% and 80% or curve 50% and 20% is 

becoming larger if the elements are changing from small correlation to full correlation.

89



If the elements are fully correlated (pB=\), only two possibilities: no corrosion or completely corroded. 

(Figure 3c). For example in year 60, it has 20% probability that the beam is completely corroded, and 

80% probability that the beam is in acceptable condition.

Optimal maintenance strategy with spatial variability
The above results indicate the importance of taking into account spatial variability effects in our inspection 
and maintenance strategy. Still for the same region, we now study the optimal maintenance strategy under 
the condition that elements show median correlation (scenario b).

Repair criterion

Maintenance and repair are carried out in order to ensure that the structure is able to fulfil some design 
requirements throughout its lifetime with sufficient reliability. In the Netherlands like many other countries, 
repair of concrete structures is primarily based on visual inspection that recording the signs of deterioration, 
that is to say the criterion for onset of repair are usually based on a given percentage of the surface of the 
structure shows signs of corrosion such as rust stains, cracks, or delamination of concrete. Generally 1% is 
used. When relating this empirical repair criterion to the theoretical acceptance criterion, in this case a 
failure means the initiation of bar corrosion. The time, from initiation of corrosion until signs of corrosion 
are visible needs a period of time about 10-20 years. In order to make the link between the repair criterion 
“ 1% deteriorated by visual means”, the corresponding proportion of corroded area is about 0.2 (20%) in 
this study, which is selected as the repair criterion. Of course, using feedback from practice, another 
criterion can be used as well.

Optimal m aintenance strategy

The optimal maintenance strategy is the one that has the minimum expected maintenance cost, where 
sometimes under the reliability constrains (Frangopol 1997, 1999, Engelund 1998, 1999, Enright 1999, 
Estes 1999, Gasser 1999):

Min E[C], While sometimes, P j  < p^.max (4)

where:

E[C] is the total expected maintenance cost and p ^ max ¿s the required upper limit for some critical event.

For strategies in this paper, the principle is taken that repair begins at a time before the probability of life 
failure, because signs of deterioration represent no immediate threat to the load-bearing capacity of the 
structure. Therefore, we will determine the optimal maintenance strategy simply only by minimizing the 
total expected cost E[C] (Fujimoto 1992, Estes 2001).

E[C]-E[Cinsp]+E[Crep\

E[Cmsp

E[Crep

mi

k =1 

nr

] = Z
7=1

cinsp,k

(1 + r)h
c

rep ,J

(1 + r )‘J
c

rep-j = c „ + c (, - X 4 , „
where: Ç'- 'm s p inspection costs mi

tk inspection year r
c'- 'r e p the repair costs nr
tj repair year Co
cu Unit repair cost

(5)

(6)

(7)

(8)
inspection times 
interest rate 
repair times 
Initial repair cost

rep i Total repaired area
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Repair strategies

In this report, a repair strategy is defined as a set of predefined and related measures that have been coupled 
in order to reach the goals set in an effective way. After repair criterion is reached, four repair strategies 
(based on the visual inspection every year) are compared:

Strategy 1 (Figure 4a):
Repair will be carried out only for the corroded area.
Strategy 2 (Figure 4b):
Repair will be carried out for the corroded area and its horizontal (main direction) adjacent area. 
Strategy 3 (Figure 4c):
Repair will be carried out for the corroded area and its surrounding area.
Strategy 4:
After 15% of the surface shows signs of corrosion (repair criterion is 20%), do maintenance coating for 
the region. For calculation, we assume 5mm more for the concrete cover after each coating.

— ----- -
— !

* Failed element
Figure 4a. S trategy 1 : Only failed elements will be repaired

Horizontal adjacent 
element

Failed elem ent
Figure 4b. S trategy 2: Besides failed elem ents, its horizontal (m ain direction) ad jacen t elements will be repaired

Failed elem ent

Figure 4c. S trategy 3: Besides failed elem ents, all its su rrounding  ad jacen t elements will be repaired

Cost input

1. Repair cost
Initial repair cost (C0): 5000 Euro
Unit repair cost (Cul): 2000 Euro/m

2. Visual inspection cost: 50 Euro/time

3. Maintenance cost (Coating): 500 Euro/nr
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Results

Effects of different strategies are shown in Figure 5. A performance indicator ƒ  (Figure 6) is introduced to 
compare the effects among different strategies that is given by I=A1/A2. The indicator presents a relative 
value in order to provide comparison for the situation with maintenance to the situation without 
maintenance. The smaller I is, the more impact the strategy has on the reduction of the amount of corroded 
area. It is clear Strategy 3 provides the best performance.

Expected yearly repair costs for different strategies are shown in Figure 7. The total expected costs are 
compared in Figure 8. Strategy 2 has the minimum total cost. Figure 9 shows that Strategy 2 performs 
slightly less than strategy 3 but yet for 40% of the costs involved, it is the optimal strategy for this case.
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Figure 5a Effect o f strategy 1
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Figure 5b. Effect o f strategy 2
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Figure 5c. Effect o f strategy 1
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Fig.ure 5d. Effect o f  strategy 2
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Figure 6a. C alculation o f perform ance indicator I Figure 6b. Perform ance indicator o f strategies
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Figure 7d. Expected yearly repair costs o f strategy 4
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Conclusions
Most present models for the reliability analysis of durability aspects neglect random variation in space. 
From the analysis in this paper, we know it is not possible to deal properly with the real situation.
In this paper it has been proved that the degree of spatial variability of random variables has a great impact 
on the final results of the structural reliability analysis. The probability of failure and proportion of 
corroded area have been calculated based on the spatial variability of physical properties of structure. The 
results are used to do the deterioration prediction and assessment of optimal repair strategy.
It is important to get a good impression of the spatial parameters such as fluctuation scale d  and auto­
correlation coefficient p 0, in order to find out a realistic and useful description of the condition of the 
structural elements.
The results presented in this paper remain theoretical, real data are under collection for properly selecting 
the model parameters in the next work.
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